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SUMMARY
Historical seismic events such as the San Fernando earthquake of 1971 and the
Loma Prieta earthquake of 1989 did much to arouse an awareness of the vulnerabilities that
many existing highway bridges possess. However, it was not until 1990 that this awareness
and concern extended past the highly seismic regions of California and settled on moderate
seismic regions such as the Central and Southeastern United States (CSUS). This relatively
long neglect of seismic issues pertaining to bridges in these moderate seismic zones has
resulted in a portfolio of existing bridges with seismic deficiencies which must be assessed
and addressed.
An emerging decision tool, whose use is becoming ever increasingly popular in the
assessment of this seismic risk, is that of seismic fragility curves. Fragility curves are con-
ditional probability statements which give the probability of a bridge reaching or exceeding
a particular damage level for an earthquake of a given intensity level. As much research
has been devoted to the implementation of fragility curves in risk assessment packages, a
great need has arisen for bridge fragility curves which are reliable, particularly for those in
moderate seismic zones. The purpose of this study is to use analytical methods to gener-
ate fragility curves for nine bridge classes which are most common to the CSUS. This is
accomplished by first considering the existing bridge inventory and assessing typical char-
acteristics and details from which detailed 3-D analytical models are created. The bridges
are subjected to a suite of synthetic ground motions which were developed explicitly for
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the region. Probabilistic seismic demand models (PSDM) are then generated using these
analyses. From these PSD models, fragility curves are then generated by considering spe-
cific levels of damage which may be of interest. The fragility curves show that the most
vulnerable of all the bridge nine bridge classes considered are those utilizing steel gird-
ers. Concrete girder bridges appear to be the next most vulnerable followed by single span
bridges of all types. Various sources of uncertainty are considered and tracked throughout
this study, which allows for their direct implementation into existing seismic risk assess-





An emerging tool in seismic risk assessment (SRA) is the use of fragility curves. A fragility
curve is a conditional probability that gives the likelihood that a structure will meet or ex-
ceed a certain level of damage for a given ground motion intensity. Currently, fragility
curves are derived using empirical data from past earthquakes, expert opinions or via ana-
lytical methods. Empirical fragility curves often lack adequate data and are only applicable
to limited regions. Also, their refinement is highly dependent on the bridge inventory of
the seismically affected region. Fragility curves based on expert opinion are also very
subjective in that they rely heavily upon the experts’ seismic experience with the bridges
under consideration. Previously developed analytical fragility curves are based on simpli-
fied models and simplified methodologies, which by their very nature include a significant
amount of epistemic uncertainty, and therefore do not completely represent the perfor-
mance of most bridges. To adequately represent the fragility of a bridge and to improve the
reliability and effectiveness of seismic risk assessment tools, improved fragility curves for
highway bridges are needed.
Reliable bridge fragility curves are needed for more than just seismic risk assess-
ment. They have uses in other activities such as bridge retrofit prioritization and post-
earthquake emergency response. The retrofit prioritization procedure put forth by the
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Federal Highway Administration in 1995 utilized a subjective vulnerability rating system
for their bridges (FHWA, 1995b). However, it was recognized that a more objective ap-
proach should be made available to prioritize highway bridges for retrofit. In a draft of the
newest retrofit manual, an alternative seismic vulnerability rating procedure, which utilizes
fragility curves, is recommended (MCEER, 1999). This now permits fragility curves for
as-built and retrofitted bridges to be used for retrofit prioritization by highlighting the most
vulnerable bridge types in a particular highway transportation network. Thus, the impact
of various retrofit strategies on both bridge and network performance is estimated.
As mentioned previously, fragility curves can also be used in the post-earthquake re-
sponse and evaluation of bridge structures. Immediately following an earthquake, a rapid
assessment and assignment of functional levels must be assigned to all bridges in an af-
fected network. Using fragility curves to help streamline reconnaissance efforts has been
shown to effectively reduce the duration of the functional assessment stage of recovery
(Ranf et al., 2003). This application for fragility curves is currently being formalized in a
post earthquake response assessment package for California named ShakeCast Wald et al.
(2004).
As shown, bridge fragility curves have many important uses in both pre-earthquake and
post-earthquake activities. However, if they are to be eff ctively and actively used in these
activities, it is imperative that reliable fragility curves are available. Engineers, politicians
and other decision makers must have confidence in the data before they will use it. To
this end, this study looks at developing analytical fragility curves for bridge classes typical
to the Central and Southeastern United States (CSUS) region also referred to as the Mid-
America region. These curves are developed using detailed non-linear bridge models and
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time history analyses in Monte Carlo type simulations with the use of variance reduction
techniques. All vulnerable major bridge components are considered in the fragility curve
development.
1.2 Objectives and Scope of Research
The goal of this study is to refine an exiting methodology for the development of analytical
seismic fragility curves for bridge classes that are typical to the CSUS region. The CSUS
is a moderate seismic zone in which the seismic risk mitigation effort has lagged the effort
made by the states located in the Western United States. Although there have been a num-
ber of studies to develop fragility curves, the majority have focused on the bridge classes
typical to high seismic zones in the Western US and Japan. More focus is now being placed
upon the CSUS because of the recognition of potential for large ground shaking. To aid in
the assessment of seismic risk for the region, nine typical bridge classes have been selected
for the development of seismic fragility curves. The level of detail that is used and the re-
finement of the analytical methodology will aid in generating more reliable fragility curves
than what are currently available.
The specific tasks that will be completed as part of this research are as follows:
1. Identify the most common bridge types to the Central and Southeastern United States
and statistically describe some of their major structural parameters. The identified
bridge classes should represent a majority of the overall inventory for the region.
2. Identify a suite of synthetic ground motions that is representative of the seismic haz-
ard for the region.
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3. Generate 3-D non-linear analytical models of the selected bridge classes using de-
tailed analytical models of the various bridge components.
4. Identify the most significant structural parameters in the bridge models though a
statistically based screening study.
5. Generate probabilistic seismic demand models (PSDM’s) for the bridge components
in each bridge class.
6. Explore the impact of using various earthquake intensity measures on the probabilis-
tic seismic demand models.
7. Identify the appropriate capacities and limit states for the components of each bridge
type.
8. Generate seismic fragility curves for each of the bridge classes and their individual
components.
1.3 Outline of Thesis
This thesis is organized into nine chapters with the following contents:
Chapter 2 summarizes previous research in the area of bridge fragility curves.
Chapter 3 examines the seismic hazard and earthquake history of the Central and South-
eastern United States. Two suites of synthetic ground motions for the CSUS are presented.
Chapter 4 presents an in-depth look of the bridge inventory for the Central and South-
eastern United States. This is done using the National Bridge Inventory (NBI) and includes
statistical data on a number of different geometric parameters.
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Chapter 5 presents detailed analytical models for the major bridge components of bridge
types found in the Central and Southeastern United States. 3-D analytical bridge models
are subjected to a scenario earthquake to illustrate the typical seismic response of each
bridge class.
Chapter 6 looks at the various structural parameters that are used in the analytical mod-
els of the subject bridges. Screening studies are performed and presented to highlight the
significance of the various modeling parameters.
Chapter 7 evaluates the seismic demand on the subject bridge types through the use of
probabilistic seismic demand analyses. Two intensity measures, peak ground acceleration
(PGA) and spectral acceleration (Sa), are considered and investigated for their influence on
the degree of uncertainty in the resulting PSDMs.
Chapter 8 presents the results of the fragility analyses for the various bridge components
and bridge types. These fragility curves are compared with those which are used in the
current edition of the Federal Emergency Management Agency’s (FEMA) risk assessment
package, HAZUS.
Finally, in Chapter 9, a summary and conclusions are drawn from the research and
future research needs are outlined.
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CHAPTER II
OVERVIEW OF BRIDGE FRAGILITY WORK
With the occurrence of every major earthquake an increase social awareness of society’s
seismic vulnerability is witnessed. As a result of this increased awareness, much research
has been conducted to help quantify the potential social and economic losses of communi-
ties across the nation. Bridge fragility curves have grown from this surge in research as they
are an essential component to the risk assessment methodology. It is difficult to talk about
the origin of bridge seismic fragility curves without first outlining seismic risk assessment
of networks.
2.1 Seismic Risk Assessment
Seismic risk describes the potential for damage or losses that a region is prone to expe-
rience following a seismic event. This is in contrast to seismic hazard, which quantifies
the recurrence rates of different ground motions. Seismic risk can also be defined as the
spatially and temporally integrated product of the seismic hazard, the value of assets and
the fragility of assets (Jacob, 1992).
In Figure 2-1, Basoz and Kiremidjian (1996) present a seismic event time-line which
illustrates the events that take place before and after a seismic event. The first of these
events is to assess the seismic risk, which estimates the potential losses that may occur as
a result of the remainder of the events on the time-line. The assessment of these potential
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losses is done through the use of seismic risk assessment tools such as HAZUS (FEMA,
2003) and REDARS (Werner et al., 2003) which can be conducted on large and small scale
regions. Highway transportation systems play a significant role in the overall impact that









Figure 2-1: Seismic event time-line (Basoz and Kiremidjian, 1996).
A system, such as a highway system, is configured into a network which will consist
of a large number of links and nodes (Chang and Nojima, 1998; Kameda, 2000). The
disruption of any of these links (e.g. roadway) or nodes (e.g. bridge or tunnel) can disrupt
a section of the network, the impact of which is dependent on the redundancy in the system
(Rojahn et al., 1992). Thus, a systems or network analysis of a highway system is required
to be able to link structural damage of a bridge or roadway to social and economic impacts
(Chang and Nojima, 1998; Werner and Taylor, 2002). This network distribution is what
sets highway systems and other lifelines (e.g electrical, water and communications) apart
from other facilities and functions in a community and warrants special attention.
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2.2 Transportation Network Risk Assessment
The risk assessment of a transportation network, which is the first item in the earthquake
time-line, is interrelated with the rest of the events on the time-line. This assessment has
a circular dependency with the other events on the time-line in that it plays a key role in
determining how the rest of the events in the earthquake time-line unfold. However, an
analysis and forecast of the other events is necessary to make an assessment of the seismic
risk.
Seismic risk assessment methodologies for transportation systems have been proposed
and performed by many people since the inception of lifeline earthquake engineering back
in the 1970’s (ATC, 1985, 1991; King et al., 1997; Shinozuka et al., 1997; Veneziano et al.,
2002; Werner et al., 1997). All of the methodologies that have been proposed are concep-
tually the same and are represented by the lifeline risk assessment flow chart that is given
in Figure 2-2. The basic process is to assess the seismic hazard followed by the estimation
of physical damage to the lifeline components as a result of that seismic hazard. Fragility
curves for the network components are essential inputs into the damage estimation algo-
rithm. In the case of highway networks this would include highway bridge fragility curves.
These fragility curves are then used to estimate the physical damage to the bridge which in
turn is used to estimate the cost to repair the damage. In addition to repair cost, this damage
estimate is also used to estimate post-earthquake functionality and restoration times of the
individual network components. Once the component functionality information is obtained
it can be used in a network analysis to assess the functionality and restoration time of the
8
entire network. The loss of functionality of the network system is directly related to the


























Figure 2-2: Network risk assessment framework (King et al., 1997)
One of the first attempts to formalize this seismic risk methodology is found in the
seminal work by Whitman et al. (1975). The methodology they proposed, which is called
“Seismic Design Decision Analysis” (SDDA), provided an organized systematic frame-
work for considering the effects of seismic hazard, building damage, direct costs and in-
cident costs. This study really provided the intellectual foundation for subsequent seismic
risk assessment studies. In 1985, the Applied Technology Council (ATC) built upon the
work of Whitman et al. (1975) to assemble a package for seismic risk assessment of the
infrastructure in California (ATC, 1985). This study required the generation of the vulnera-
bility functions for many different building types, facilities and lifeline components, in the
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form of damage probability matrices. Because there had been very little data gathered from
previous earthquakes, these damage matrices had to be generated based on expert opinion.
The experts that participated in the surveys not only had to give their best guess as to the
probability of a certain amount of damage, but also were required to use their best judgment
in assessing the post-earthquake functionality and restoration time for the various buildings
and lifeline components.
The ATC study offered a first step in the implementation of an earthquake risk as-
sessment program, but it was deficient in several areas. First, the damage matrices and
restoration times that were developed were only good for California’s inventory and sec-
ond, there was a shortage of information and understanding concerning the assessment of
lifelines. In 1991, the Applied Technology Council attempted to remedy this by putting
together another report that focused solely on the disruption of lifelines following a seis-
mic event. This program was valid not only for California but for the conterminous United
States (ATC, 1991).
Some of the changes that were implemented in the ATC-25 report were modifications
to the damage matrices and restoration functions. The damage matrices for the individual
lifeline components were changed into continuous damage functions known as fragility
curves. These fragility curves were generated by a regression of the discrete values of the
various damage probability matrices. There was also a methodology presented whereby
these damage functions could be modified for use anywhere in the conterminous United
States. In addition to the changes made to damage estimation, the restoration functions
were also refined. These restoration functions were initially presented in the ATC-13 report
as the time to achieve 30 percent, 60 percent and 100 percent functionality but they were
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further discretized in the ATC-25 report to generate more detailed step functions for the
various components (ATC, 1991).
In an attempt to push forward the earthquake risk assessment methods, the Federal
Emergency Management Association (FEMA) put together a panel of experts to generate a
geographical information system (GIS) based risk assessment software package. The first
edition of this software was released in 1997 and was called “HAZards US” or HAZUS.
This software package, which was written to incorporate the damage to buildings, facilities
and lifelines, relied heavily upon the methodology and data that was presented in the ATC-
13 report. Regressions of the damage probability data as well as the restoration data were
performed and implemented into HAZUS. It was recognized at the time that these dam-
age and restoration functions were based on expert opinion and would need to be updated
and modified as more earthquakes occurred, more data was gathered and better estimation
methodologies were developed. Some of these improvements, as they apply to both the
Eastern and Western US, were implemented in the 1999 and 2003 versions of HAZUS.
2.3 Fragility Functions
The risk assessment of lifelines presented in Figure 2-2 shows that one of the key links in
the assessment methodology is to estimate the damage to the lifeline components. This
is done by estimating the performance of the various highway bridges in the network as
a function of a ground motion intensity parameter. This bridge performance is commonly
represented in either a damage probability matrix or a fragility function.
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A fragility function is a conditional probability that gives the likelihood that a struc-
ture will meet or exceed a specified level of damage for a given ground motion intensity
measure. This conditional probability is given in Equation 2.1.
Fragility = P[LS|IM = y] (2.1)
whereLS is the limit state or damage level of the bridge or bridge component,IM is
the ground motion intensity measure andy is the realization of the chosen ground motion
intensity measure. One can see from this formulation that given an earthquake of a specific
intensity, a prediction of the damage level may be made for each bridge for which a fragility




















Figure 2-3: Fragility Curve Example.
This probabilistic way of estimating structural damage was used in the evaluation of nu-
clear facility vulnerabilities in the late 1970s and early 1980s and since then has expanded
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into other areas of structural engineering. There are a number of different methodologies
that have been employed in the determination of these structural fragilities, a synopsis of
which is given in the following sections.
2.3.1 Expert Based Fragility Functions
When the Applied Technology Council (ATC) developed the ATC-13 report, there was a
relatively small amount of recorded data available for use in the generation of damage prob-
ability matrices. The data shortage was present for various types of structures and facilities
including various types of lifeline components. This lack of information necessitated the
use of expert opinion for the generation of these damage matrices. The ATC put together a
panel of 42 experts whom they could query concerning the various components of a typical
Californian infrastructure (ATC, 1985). Only four of the 42 experts were chosen to provide
information for highway bridges.
The questionnaires that were created queried the experts on the probability of a bridge
being in one of seven damage states for a given Modified-Mercalli Intensity (MMI) value.
They also asked the experts to rate themselves on their experience in the field using a scale
from zero to ten. After the questionnaires were completed and analyzed, the results were
given back to the experts for a second look. They were permitted to consider the overall
results and compare them with their initial responses and make any modifications they felt
were necessary. These results were then compiled and reported as the damage probability
matrices (DPM) for bridges in the ATC-13 report and were subsequently used in the ATC-
25 report (ATC, 1991).
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There are several major concerns with this methodology, one of which is the subjectivity
of the procedure. There is little, if any, correlation to actual earthquake damage reports and
is based solely on the experience and number of experts queried. Another concern is that
the DPMs were created for only two classes of bridges, major (spans over 500 feet) and
conventional (spans under 500 feet). Thus, a high level of uncertainty is present but not
quantified in these results. This uncertainty comes as a consequence of human judgment
and also the coarseness of the bridge classes.
2.3.2 Empirical Fragility Functions
Following the 1989 Loma Prieta and 1994 Northridge earthquakes, empirical bridge
fragility curves became more common as a direct result of more complete ground motion
and bridge damage data. Empirical fragility curves are generated from actual earthquake
data. This methodology has been presented and demonstrated by several groups of peo-
ple for the Loma Prieta and Northridge earthquakes such as Basoz and Kiremidjian (1997),
Der Kiureghian (2002), Shinozuka et al. (2003) and Elnashai et al. (2004) and by Shinozuka
et al. (2000) and Yamazaki et al. (1999) for the 1995 Kobe earthquake.
Although there are some slight variations in the methods used by the aforementioned
groups they are conceptually the same. The procedure requires that a post-earthquake
assessment be performed where a damage state would be assigned to all the bridges that
belong to the bridge class being considered. A shake map, that geographically defines the
ground motion in terms of some intensity measure, such as peak ground acceleration (PGA)
is used to assign each bridge to a damage state and a given ground motion intensity in a
damage frequency matrix. Table 2-1 is an example of a damage frequency matrix that was
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Table 2-1: Damage Frequency Matrix for Multi-Span Bridges (Basoz and Kiremidjian,
1997).
USGS Peak Ground Acceleration (g)
Observed
Damage
0.15-0.2 0.2-0.3 0.3-0.4 0.4-0.5 0.5-0.6 0.6-0.7 0.7-0.8
None 194 262 150 31 10 15 17
Minor 2 8 16 2 6 4 2
Moderate 1 8 8 9 6 5 1
Major 0 6 0 5 5 3 1
Collapse 0 0 0 0 0 0 0
Total 197 284 174 47 27 27 21
USGS Peak Ground Acceleration (g)
Observed
Damage
0.8-0.9 0.9-1.0 1.0-1.1 1.1-1.2 1.2-1.3 1.3-1.4 Total
None 18 7 9 1 0 1 717
Minor 0 5 1 1 0 0 47
Moderate 4 7 3 0 0 0 52
Major 1 9 0 0 0 0 30
Collapse 2 1 1 0 0 0 4
Total 25 29 14 2 0 1 848
assembled by Basoz and Kiremidjian (1997) for all multi-span bridges damaged during the
1994 Northridge earthquake. Thus, a percentage of the overall bridge class inventory may
be displayed for each damage state and at each ground motion intensity level as shown in
Table 2-2.
This information can be used in any number of ways. Basoz and Kiremidjian (1997)
used a logistic regression analysis to generate the fragility curves, shown in Figure 2-4,
from the damage matrices shown in Tables 2-1 and 2-2. Shinozuka et al. (2000) rec-
ommended using the Maximum Likelihood method in conjunction with hypothesis and
goodness-of-fit tests to estimate the parameters of the two parameter lognormal probabil-
ity distribution while Der Kiureghian (2002) used a Bayesian approach and the Likelihood
function to accomplish this task.
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Table 2-2: Damage Probability Matrix for Multi-Span Bridges (%) (Basoz and Kiremid-
jian, 1997).
USGS Peak Ground Acceleration (g)
Observed
Damage
0.15-0.2 0.2-0.3 0.3-0.4 0.4-0.5 0.5-0.6 0.6-0.7 0.7-0.8
None 98.5 92.3 86.2 66.0 37.0 55.6 81.0
Minor 1.0 2.8 9.2 4.3 22.2 14.8 9.5
Moderate 0.5 2.8 4.6 19.2 22.2 18.5 4.8
Major 0.0 2.1 0.0 10.6 18.5 11.1 4.8
Collapse 0.0 0.0 0.0 0.0 0.0 0.0 0.0
USGS Peak Ground Acceleration (g)
Observed
Damage
0.8-0.9 0.9-1.0 1.0-1.1 1.1-1.2 1.2-1.3 1.3-1.4
None 72.0 24.1 64.3 50.0 0.0 100.0
Minor 0.0 17.2 7.1 50.0 0.0 0.0
Moderate 16.0 24.1 21.4 0.0 0.0 0.0
Major 4.0 31.0 0.0 0.0 0.0 0.0
Collapse 8.0 3.5 7.1 0.0 0.0 0.0
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Figure 2-4: Empirical fragility curves for Multi-Span Bridges (Basoz and Kiremidjian,
1997)
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Although this method is relatively straight forward it has some drawbacks and limita-
tions. The first limitation is that it is difficult to get an adequate number bridges belonging
to one bridge class that lie in a particular damage state. When this is the case it is diffi-
cult to get statistically significant results (Shinozuka, 1998). Thus, it is often required to
group classes together to get enough bridges in a given damage state and hence reduces the
usefulness of the fragility curves.
A second limitation that Basoz and Kiremidjian noted in their generation of fragility
curves for several classes of bridges, in both the Loma Prieta and Northridge earthquakes,
was that the ground motion intensity (Shakemaps) were diff rent depending on who gen-
erated them. They received two different maps with different values for the Northridge
earthquake (USGS and WCFS).
A third limitation of empirical fragility curves is that when post-earthquake assessments
of bridges are made and damage levels assigned, there is often a discrepancy between
the damage levels that any two different inspectors would assign (Basoz and Kiremidjian,
1997). Thus another significant source of uncertainty is entered into the curves.
2.3.3 Analytical Fragility Functions
When actual bridge damage and ground motion data are not available, analytical fragility
curves must be used to assess the performance of highway bridges. There have been many
researchers that have developed analytical fragility curves for bridges using a variety of
different methodologies. Since damage states are related to structural capacity (C) and
the ground motion intensity parameter is related to structural demand (D), the fragility or
17
probability of failure (pf ), can then be described as in Equation 2.2. This specifically gives







This probability is generally modeled as a lognormal probability distribution. It is cho-
sen because is has shown to be a good fit in the past and is convenient for manipulation
using conventional probability theory (Wen et al., 2003). In addition, when the structural
capacity and demand roughly fit a normal or lognormal distribution, using the central limit
theorem, it can be said that the composite performance will be lognormally distributed
(Kottegoda and Rosso, 1997) . Thus the fragility curve can be represented by a lognormal








whereSc is the median value of the structural capacity defined for the damage state,βc is
the dispersion or lognormal standard deviation of the structural capacity,Sd is the seismic
demand in terms of a chosen ground motion intensity parameter,βd is the logarithmic
standard deviation for the demand andΦ[·] is the standard normal distribution function.
Referring to Equation 2.3, it can be seen that the structural demand and capacity must
be modeled to generate analytical fragility curves. There are a number of methodologies
which have been used by researchers to accomplish this task. The methodologies they have
employed range from simplistic to fairly rigorous. The following sections introduce some
of these methodologies.
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2.3.3.1 Elastic Spectral Response
Generating a seismic fragility curve by looking at the elastic spectral response of a bridge is
perhaps one of the simplest and least time consuming approaches available. Yu et al. (1991)
illustrated the use of this approach when they where trying to assess the seismic vulnera-
bility of highway bridges in Kentucky . They modeled each of the bridge piers as single
degree of freedom (SDOF) structures and then estimated their response using an elastic
response spectrum. Although the work here was very simplistic, the methodology was fur-
ther developed and applied by Jernigan and Hwang (2002) with the intent of providing a
way for practicing engineers to be able to assess bridge fragilities.
In this methodology, Capacity/Demand (C/D) ratios are generated for the various bridge
components. The capacities of the bridge components are calculated according to the Fed-
eral Highway Administration’s (FHWA)Seismic Retrofitting Manual for Highway Bridges
(FHWA, 1995b). Following a statistical sampling of various structural parameters (e.g.
concrete strength and steel strength), the FHWA’s procedure for calculating component
capacities was performed for 50 bridge samples.
The demand on the bridges was determined by performing an elastic spectral analysis of
the bridge models using a computer program. Uncertainty is included from the demand side
by introducing a seismic force factor,S FF. This factor is assumed to follow a lognormal
distribution with a mean value of one and a coefficient of variation of 0.5. Calculation of
the seismic response coefficient (Cs), as provided by AASHTO (1998), is given in Equation
2.4, whereA is the peak ground acceleration,T is the fundamental period of the bridge,S
is a term accounting for the site soil condition andS FF is a randomizing term.
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Once the capacities and demands are calculated for the components in each of the
earthquake-bridge samples, the C/D ratio is determined and correlated to a particular dam-
age state. This is done for varying levels of peak ground acceleration. The results from all
of these simulations are then put into damage frequency matrix. Fragility curves are then
calculated much the same way they are done for empirical fragility curves. In the work
by Jernigan and Hwang (2002), the authors asserted that the results from this methodology
compare reasonably well to those generated using more rigorous methods.
2.3.3.2 Non-Linear Static Analysis
An improvement upon the elastic spectral analysis can be made by considering the non-
linear response of the bridge. However, a full non-linear time history analysis can be very
time consuming. A simplified methodology has been developed that benefits from a non-
linear analysis but does not incur the computational cost of a time history analysis. This
method is a non-linear static procedure and is commonly called the Capacity-Spectrum
method. The basic methodology uses a converted non-linear static pushover curve in con-
cert with a reduced response spectrum. Due to time savings, this methodology has already
been used by a number of researchers to generate seismic fragility curves for bridges. Dutta
(1999) and Mander and Basoz (1999) used this methodology to create seismic fragility
curves for standard classes of bridges across the United States. Shinozuka et al. (2000)
used this methodology on a three-span continuous concrete girder bridge in the Memphis,
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TN area. This has even been the methodology that was adopted in the generation of seismic
bridge fragility curves for HAZUS (FEMA, 2003).
The capacity spectrum is developed by first generating a non-linear static pushover
curve for the bridge. This pushover is generated by incrementally loading the bridge with
a loading pattern that is consistent with its dominant response mode. A slight variation to
this would be to use an adaptive pushover which adjusts the load distribution based on the
structure’s updated modal properties at each increment (Rossetto and Elnashai, 2004). The
static pushover curve is a plot of force versus displacement which can then be converted to
a capacity spectrum whose x and y axes are in terms of spectral displacement and spectral























Figure 2-5: Conversion of the Pushover Curve to the Capacity Spectrum (Dutta, 1999).
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The demand side of the problem is modeled by a reduced response spectrum plotted
as an acceleration-displacement response spectrum (ADRS). The traditionalSa versusT
coordinate system can be transformed into aSa versusSd coordinate system by observing
the relationship betweenSa andSd as shown in Equation 2.5. As seen in Figure 2-6 the






This response spectrum can then be adjusted from an elastic response spectrum to an
inelastic response spectrum to account for the non-linear behavior of the structure. This can
generally be handled by generating the response spectrum at a high damping ratio (Dutta,
1999).
The capacity and demand spectra can be placed on the same plot to determine the max-
imum response of the bridge. For a deterministic analysis this maximum response would
be determined by locating the intersection of the two curves. However, when uncertainty in
the capacity and demand are considered, each curve is then represented by a probabilistic
distribution as seen in Figure 2-7.
Seismic fragility curves can then be generated from these spectra by evaluating them
at predefined limit states. The probability of failure is calculated as the intersection of the






















































Figure 2-7: Probabilistic Representation of Capacity and Demand Spectra (Mander and
Basoz, 1999).
23
2.3.3.3 Non-Linear Time History Analysis
Seismic fragility curves can also be generated using a non-linear time history (NLTH)
approach. Although this type of approach tends to be the most computationally expensive
it is also one of the most reliable methodologies available (Shinozuka et al., 2000). For this
reason there have been many researchers that have used a methodology rooted in NLTH
analysis to generate fragility curves. Although the actual application of the analyses may
vary, all applications follow the basic approach outlined in Figure 2-8.
The first step is to obtain a suite of ground motions that is appropriate and representa-
tive of the target geographic area and captures the uncertainty inherent in ground motions
such as the magnitude and epicentral distances. Next, the structural properties (material
strengths and geometric values) are probabilistically sampled from an analytically formu-
lated bridge model. This is done N times thus generating N nominally identical but sta-
tistically different bridge samples. Then the ground motions are paired with the bridge
simulations and a non-linear time history analysis for each earthquake-bridge sample is
performed. For each simulation, the peak structural responses for key elements (e.g. col-
umn ductilities, bearing deformation, abutment displacement, etc.) is collected. Using the
peak bridge component responses, a probabilistic seismic demand model can then be gener-
ated by using a regression analysis of the ground motion parameters and the peak structural
response or by using some other parameter estimation technique such as the Maximum
Likelihood method. The capacity or limit state of each component is determined using
expert based, experimentally based and/or analytically based methods. Finally, the seismic
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demand and structural capacity models are combined assuming a lognormal distribution as
given in Equation 2.2.
As previously mentioned, although the general framework of the methodology used by
researchers is fairly consistent to that outlined in Figure 2-8, there are some differ nces in
the actual tools employed to accomplish each step. When modeling the seismic demand
side of the problem, a sampling technique is often employed. Cornell et al. (2002) outlined
a methodology using regression analysis to generate a probabilistic seismic demand model
for structures as seen in Figure 2-9. This approach was used by Mackie and Stojadinovic
(2001) to generate probabilistic seismic demand models for typical California over-pass
bridges that are subjected to excitation in both the longitudinal and transverse direction. In
their study, they used a suite of ground motions that were acquired from the PEER strong
motion database and took the column curvature and displacement ductilities as representa-
















































Figure 2-9: Probabilistic Seismic Demand Model (Cornell et al., 2002).
Similar work was done by Hwang et al. (2000) for a four span concrete girder bridge
utilizing a suite of synthetic ground motions they generated that were site specific. Once
again they looked at column deformations from seismic loading in the longitudinal and
transverse directions to model the demand upon the bridge. Other researchers have used
the same approach for similar bridges (Bignell et al., 2004; Choi et al., 2004). Other vari-
ations to this include the use of a logistic regression analysis of the response simulation
(Hwang and Huo, 1998) and the Maximum Likelihood Method (MLE) to model the col-
umn responses to the chosen earthquake intensity measure (Shinozuka et al., 2003).
The capacity or limit states of the bridge can be described using a number of different
techniques. One such approach is to look at the physics of the bridge using experimental
tests. Analytical approaches, such as static pushover, adaptive pushover and incremental
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dynamic analyses, can also be used to describe the capacity of the bridges and/or their
components. These evaluations can be performed using either a sampling technique (Vam-
vatsikos and Cornell, 2002) or a first order reliability method (FORM) (Mackie and Sto-
jadinovic, 2004). These types of approaches are more prescriptive in nature in that they
prescribe the damage state of the bridge. Another approach is more descriptive in nature
and attempts to map specific demand values (ductility, deformation, etc.), to functionality
decisions made by bridge inspectors. This is a more subjective approach but may give a
more realistic representation of post-earthquake field conditions.
2.4 Closure
Fragility curves, which are probabilistic tool used to assess potential seismic damage to
highway bridges, are a fundamental component of seismic risk assessment methodologies.
Basic methodologies for the generation of these curves have been developed using both
simplistic and complex approaches. Researchers in the field must continue to look at ways
of improving upon these methodologies and thus create more reliable fragility information.
The research in this study adapts some of the existing nonlinear time-history analysis
approaches to create a more robust and more discretized suite of bridge fragility curves.
Specifically, existing methods are adapted such that the effects of more than one bridge
component may be incorporated into the determination of the system (bridge) fragility.
Additionally, 3-D models are used to, not only capture the variability in ground motion in-
tensity, but also to include the eff cts of bridge orientation. Thus, these fragility curves will
be more representative of a wider class of bridges. The following chapters will specifically
address the various aspects of seismic bridge fragility generation.
28
CHAPTER III
SEISMIC HAZARD AND GROUND MOTIONS IN THE
CENTRAL AND SOUTHEASTERN UNITED STATES
3.1 Historical Earthquakes in the Central and Southeastern
United States
In the winter of 1811-1812 several large earthquakes rocked the Central and Southeastern
United States (CSUS) originating from the Missouri/Tennessee region . Later that same
century, in 1886, another large earthquake that originated in South Carolina rocked the
region once again. These notable earthquakes, amongst others, have highlighted the seismic
hazard and the associated seismic risk that exists in this part of the United States.
The earthquakes of 1811-1812, also known as the New Madrid earthquakes, were char-
acterized by three large earthquakes and several hundred moderate to large earthquakes in
a six month period of time. The first of the three main shocks occurred on December 16,
1811 with an estimated moment magnitude of 8.1. The other two occurred on January 23,
1812 and March 15, 1812 with moment magnitudes of 7.8 and∼8.0 respectively (USGS,
2004). It should be noted that the estimates for these earthquakes range from 7.2 to 8.7.
However, using the magnitudes published by the United States Geological Survey, two of
these earthquakes rank in the top ten largest earthquakes in the United States, as seen in
Table 3-1. The losses incurred from these earthquakes were small because the region was
underdeveloped at the time.
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Table 3-1: Ten Largest Recorded Earthquakes in the United States (USGS, 2004).
No. Location Magnitude (Mw) Date
1 Prince William Sound, AK 9.2 Mar 3, 1964
2 Andreanof Islands, AK 9.1 Mar 3, 1957
3 Rat Islands, AK 8.7 Feb 4, 1965
4 East of Shumagin Islands, AK 8.2 Nov 10, 1938
5 New Madrid, MO 8.1 Dec 16, 1811
6 Yakutat Bay, AK 8.0 Sep 10, 1899
7 Andreanof Islands, AK 8.0 May 7, 1986
8 New Madrid, MO ≈ 8 Feb 7, 1812
9 Near Cape Yakataga, AK 7.9 Sep 4, 1899
10 Fort Tejon, CA 7.9 Jan 9, 1857
The earthquake of 1886 occurred in Charleston, South Carolina and had a moment mag-
nitude estimated at 7.3. This magnitude places this seismic event as the eleventh largest
earthquake in the contiguous United States. It is believed to be the most damaging earth-
quake in the Southeast United States with property damage being estimated at $5-$6 million
and the loss of life around 60 persons (USGS, 2004).
Since the Charleston earthquake of 1886, there have been a number of moderate earth-
quakes in the region. In 1895 both Charleston and New Madrid experienced earthquakes
larger than 6.0. Figure 3-1 shows the earthquakes that have occurred in the New Madrid
region. The dark or red colored circles indicate earthquakes that have occurred from 1974
to 2002 with magnitudes greater than 2.5. The light or green circles denote earthquakes
that occurred prior to 1974. The magnitude of the earthquake is indicated by the size of
the circle, keeping in mind that the largest of the green circles represent the earthquakes
of 1811 and 1812 (USGS, 2002). This figure shows that this area was and currently is a
seismically active region.
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Figure 3-1: Map of the New Madrid and Wabash Valley Seismic Activity (USGS, 2002).
3.2 Seismic Hazard in the Central and Southeastern United
States
Given the seismic nature of the CSUS, it has been classified as a moderate seismic zone or
a zone with a moderate seismic hazard. Seismic hazard is defined as the potential that the
region has of experiencing a certain level of ground shaking or ground deformation and the
recurrence thereof. Therefore, this moderate seismic zone classification comes because the
earthquakes in this region are infrequent.
Earthquakes in the CSUS generally have more far reaching effects as compared to those
in West. This is because the geological make-up of the regions are considerably different.
The make-up of the eastern part of the United States is characterized by hard intact rock
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with an overlay of soft sediments. The hard rock in the region results in large attenuation
distances. By way of illustration, Figure 3-2 compares the attenuation distances of several
earthquakes in the East with several earthquakes in the West. It can be seen that the attenu-
ation distances in the East are much longer and therefore the affected areas are much larger.
A clearer comparison of this difference between the East and West is illustrated in Figure 3-
3. In this figure, two earthquakes of similar magnitudes are compared from the two regions,
the 1994 Northridge earthquake with a magnitude of 6.7 and the 1895 New Madrid earth-
quake with an estimated magnitude of 6.0. Here, it is illustrated that attenuation distances







0             500 km
Figure 3-2: Comparison of Attenuation Distances of Several Earthquakes in the Eastern
and Western United States (USGS, 2002).
As previously mentioned, the geological make-up in the East is also characterized by
soft sediments overlaying the hard rock. These soft soils generally cause an amplification of
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Figure 3-3: Comparison of Attenuation Distances of 1994 Northridge and 1895 New
Madrid earthquakes (USGS, 2002).
the ground shaking intensity. For example, the New Madrid seismic zone is characterized
by a region of deep sediments which range from 30 m up to 1 km deep. This can cause
spectral acceleration values at a period of 2 seconds to range from 0.65 g to 1.5 g for a 2%
in 50 years hazard level (Park and Hashash, 2005). This increase in intensity can cause an
increase in the amount of damage that is realized as a direct result of an earthquake.
The CSUS is different than the West Coast in another aspect. Unlike the faults on the
West Coast, which fall on plate boundaries, the faults in the Mid-West are intra-plate faults.
One of theimajor tasks faced by seismologists and other researchers is to estimate the re-
currence interval of major earthquakes for the region. Typically, the frequency of small to
moderate earthquakes are used to estimate the likelihood of larger events. Unfortunately,
the regular seismic activity for the CSUS is relatively small and therefore makes recurrence
estimates difficult using this method (USGS, 2002). Another technique used to estimate the
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recurrence interval is by using historical earthquakes. Examination of sand blows, in addi-
tion to other indicators, has resulted in the determination that major earthquakes occurred
approximately 900 A.D. and 1450 A.D. Extrapolating this information, it is estimated that
earthquakes with magnitudes similar to those of 1811-1812 should recur every 550-1100
years on average (Johnston and Schweig, 1996; Tuttle et al., 2002).
In recent years, much effort has gone into characterizing the seismic hazard for the
United States in a probabilistic manner. In 1996, the United States Geological Survey pub-
lished seismic hazard maps for the entire U.S. These maps show the hazard for a particular
location in a probabilistic sense. These maps, updated in 2002, were generated by consid-
ering all seismic sources that could affect the region. The published hazard maps for the
region are shown in Figures 3-4 and 3-5. These figures show the peak ground accelera-
tions with a 10% probability of exceedance and 2% probability of exceedance in 50 years
respectively. Using these published hazard levels, it is estimated that in the next 50 years a
repeat of the 1811-1812 earthquakes has a probability of 7-10% and an earthquake with a
magnitude greater than 6.0 has a probability of 25-40% (USGS, 2002).
3.3 Ground Motions in the Central and Southeastern United
States
When assessing the vulnerability of civil infrastructure to the associated seismic hazard of
a particular region, it is helpful to have ground motion time histories that are representa-
tive of the area. Since strong ground motions records for the CSUS do not exist, synthetic
acceleration time histories can be used instead. There have been a number of research ef-






























































Peak Acceleration (%g) with 10% Probability of Exceedance in 50 Years
USGS Map, Oct. 2002



































































Peak Acceleration (%g) with 2% Probability of Exceedance in 50 Years
USGS Map, Oct. 2002
Figure 3-5: Peak Ground Acceleration with a 2% Probability of Exceedance of in 50 years
(USGS, 2002).
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Seismic Zone. Two of these ground motion suites are used in this study for which a brief
introduction is given hereafter.
3.3.1 Orthogonal Ground Motion Components
Before introducing the two ground motion suites, the issue of 3-D analysis must be ad-
dressed. The ground motions presented in this section are often considered to be the geo-
metric mean of two orthogonal components. However, when dealing with 3-D structures,
as is the case in this study, it is essential that each ground motion be represented in its two
orthogonal components (Baker and Cornell, 2005c). Since the synthetic ground motions
are not generated in component pairs, an approximate method for creating components
from the original ground motions is developed and used in this study.
The basic procedure used to generate ground motion components from existing ground
motion records, is as follows:
1. Calculate the acceleration response spectrum for the original (seed) ground motion
record using the procedure as outlined in Chopra (2000). The seed ground motions
are single component synthetic time histories obtained from published sources.
2. Simultaneously simulate the response spectra for two new orthogonal ground motion
components using the method outlined in Baker and Cornell (2005a).
3. Spectrally match the original ground motion to each component of the simulated
response spectra. (Some random phase is added.)
4. Pass each new component through a cosine window so that the duration of the com-
ponents is the same as the original ground motion.
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5. Calculate the response spectra again to ensure compatibility with the targeted re-
sponse spectra.
3.3.1.1 Simulate Orthogonal Component Response Spectra
Simulating the acceleration response spectrum requires knowledge pertaining to the distri-
bution of the spectral acceleration at each period. Performing statistical studies of recorded
ground motions, Abrahamson (1988) determined that the distribution of spectral accelera-
tion values for a specified period is modeled well as a two-parameter lognormal distribu-
tion. This study assumes that the response spectrum for the seed ground motion is repre-
sentative of the median which provides one of the two parameters. The second parameter,
the lognormal standard deviation, is assumed to be 0.5, following the recommendations of
Sewell et al. (1996).
This lognormal model describes the distribution of spectral acceleration at one specific
period. However, it has been shown that a significant correlation exists between the spectral
accelerations at different periods along the same orientation, which must be addressed. A
study of numerous recorded ground motions showed that this correlation is approximated
by Equation 3.1 (Baker and Cornell, 2005a).















whereI(Tmin<0.189) is an indicator function equal to 1 ifTmin < 0.189 seconds and equal to 0
otherwise.Tmin andTmax are used to label the smaller and larger periods being considered,
respectively.
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The correlation between the spectral accelerations of periods at different orientations is
also needed to be able to simulate component spectra. In the same study, the correlation of
the acceleration were estimated as Equation 3.2 (Baker and Cornell, 2005a). This correla-
tion function is identical to Equation 3.1 other than it has some pre-multiplier function that
reduces the overall correlation values. The composite correlation matrix for the spectral
acceleration of bothx andy components is represented in Equation 3.3.
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(3.3)
The simulations of the response spectra components are carried out recognizing that the
acceleration values are jointly distributed. An example of one such simulation is given in
Figure 3-6 where both the original (mean) spectrum and the component spectra are given.
3.3.1.2 Spectrally Match Response Spectra
Following the simulation of the component response spectra, the seed ground motion record
is scaled to match them. This scaling is done in the frequency domain so that the frequency
content of the new ground motions will match the spectra which were generated. The
iterative procedure for this is outlined in the work by Keaton et al. (2000). The basic
procedure is to first calculate the ratio between the actual spectrum and the target spectrum
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Period (s)
Figure 3-6: Example of Response Spectrum and Its Simulated Component Spectra.
for a specific frequency. The Fourier amplitude spectrum of the record is then multiplied
by the spectrum ratios after which the inverse Fourier transform is taken. The resulting
spectrum is then compared to the target spectrum indicating if another iteration is required.
The spectral matching in this study is accomplished using a Matlab (Mathworks, 2004)
script that was coded by Rix (2003).
This spectral matching procedure is purely an amplitude scaling. It is essential that
some random phase be added to the seed ground motion prior to matching. This will
ensure that the two components are not always in phase which is highly unrealistic.
3.3.1.3 Cosine Window
The spectral matching procedure can also slightly change the duration of the ground mo-
tion. To remedy this, the new ground motion components are passed through a cosine
taper window. The basic form of this window is presented numerically in Equation 3.4 and









2 if to < t < t0.5






















Figure 3-7: Cosine Taper Function for Windowing Ground Motions (Rix and Fernandez-
Leon, 2004).
wheret0.5 and t99.5 are the times corresponding to 0.5% and 99.5% of Arias intensity of
the seed ground motion respectively. The values fortb andte assume values of 2.0 and 3.0
seconds respectively.
Using the response spectra given in Figure 3-6, the seed ground motion is sampled to
give thex andy components shown in Figure 3-8. Thus, this procedure is used for each of
the ground motions in the two ground motion suites presented hereafter.
3.3.2 Wen and Wu Ground Motions
In 2001, Y. K. Wen and C. L. Wu generated synthetic ground motion records for three cities
in the CSUS, namely Memphis, Tennessee; Carbondale, Illinois and St. Louis, Missouri.
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Time (s)
Figure 3-8: Example of Component Ground Motion Generated Through Spectral Match-
ing.
Their objective was to generate ten ground motions that fit well to two different levels of
hazard for each city. The two levels they targeted are both 10% and 2% probabilities of
exceedance in 50 years (Wen and Wu, 2001). What resulted was a suite of 60 ground
motions for the CSUS. A brief description of suite characteristics is given in Appendix A.
Of the 60 ground motions generated, 48 were selected for use in this study because
this number works well with the number of bridge samples used which is also a multiple
of eight (see Appendix A). It should be noted, however, that by eliminating some of the
time histories from the original suite, the remaining suite is no longer representative of
uniform hazards which is of little consequence for the purposes of this study. The result-
ing suite selects eight ground motions from each of the three cities at two hazard levels
(10%/50years,2%/50years). As mentioned previously, each of these ground motions is
used as a seed to simulate an associated pair of orthogonal ground motion components
following the procedure outlined in the previous section.
The modified ground motion suite is given in terms of orthogonal components. Figure
3-9 shows the components of three sample ground motions – one from each city. The
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Carbondale - 2% in 50 years
St. Louis - 2% in 50 years
Memphis - 2% in 50 years
Time (s)
Figure 3-9: Orthogonal Components of Sample Ground Motions - Wen.
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Figure 3-10: Histogram of PGA Values of Wen and Wu Ground Motion Suite.
Sa-02 (g)
















min  =  0.063 g
max =  1.409 g
Figure 3-11: Histogram ofSa Values of Wen and Wu Ground Motion Suite at 0.2 Seconds.
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distribution of PGA values and spectral acceleration values (0.2 sec) for these 48 ground
motions are presented in Figures 3-10 and 3-11 respectively. The acceleration values are
calculated as the geometric mean of the two orthogonal components.
It is seen that the PGA values range from 0.06 g to 0.66 g and the spectral accelerations
at 0.2 seconds range from 0.06 g to 1.41 g. In both cases, the distributions are left skewed
giving more weight to smaller accelerations. The frequency content of the final suite is
given in Figure 3-12. This figure gives the mean and mean plus/minus one standard devia-
tion of the response spectra for the geometric means of each ground motion pair. It is clear
to see that the concentration of energy in this suite of ground motions is in the short period
range from 0.2 to 0.5 seconds. As will be seen later, the frequency content in this suite is
noticeably different from the other suite considered in this study.
Figure 3-12: Mean and Mean± One Standard Deviation of Response Spectra - Wen and
Wu.
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One may also see that there is a significant degree of variability in the spectra based on
the width of the standard deviation bounds. This is not surprising when one considers that
half of the ground motions are for 10 % in 50 years hazard and the other half are for 2 % in
50 years hazard. One of the characteristics which sets the CSUS apart from the Western US
is the stark difference between the intensities of the two hazard levels. As will be shown
later in Chapters 7 and 8, the content of this ground motion suite is apparent in the seismic
demand and fragility analyses of the highway bridges.
3.3.3 Rix and Fernandez Ground Motions
The second suite of synthetic ground motions used throughout this study was developed by
G. J. Rix and J. A. Fernandez-Leon as part of the research program organized out of the
Mid-America Earthquake (MAE) Center (Rix and Fernandez-Leon, 2004). They generated
ground motions for scenario earthquakes for the Memphis, TN region. Using two different
source models these researchers simulated 20 ground motions for each of 11 magnitude-
distance bins (Mw: 5.5, 6.5, 7.5; R: 10 km, 20 km, 50 km, 100 km). This resulted in 220
time histories for each source model. The effects of the deep sediments of the Mississippi
embayment were also included. A brief description of the characteristics of this ground
motion suite is given in Appendix A.
The 48 ground motions which are used in this study were selected from the 220 ground
motions developed using Frankel’s model (see Appendix A). Since these are scenario earth-
quakes, the ground motions were selected such that a well balanced cross-section of PGA
and Sa values would be attained. Following the generation of orthogonal components, the
PGA and Sa value distributions are as shown in Figures 3-13 and 3-14 respectively. The
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geometric mean PGA values range from 0.022 g to 0.764 g. The spectral accelerations at
0.2 seconds range from 0.047 g to 0.963 g.
Figure 3-13: Histogram of PGA Values of Rix and Fernandez Ground Motion Suite.
Figure 3-14: Histogram ofSa Values of Rix and Fernandez Ground Motion Suite at 0.2
Seconds.
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Following the procedure outlined previously, each of these 48 ground motions was used
to generate records with orthogonal components. Figure 3-15 illustrates the components,
as simulated from the original ground motions, for three different magnitudes (5.5, 6.5, and
7.5). The difference in frequency content, as compared to the Wen and Wu suite, is obvious
in this figure.
Mw: 6.5 - R: 10 km
Time (s)
Mw: 5.5 - R: 10 km
Mw: 7.5 - R: 20 km
Figure 3-15: Orthogonal Components of Sample Ground Motions - Rix and Fernandez.
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The frequency content of this ground motion suite is more clearly seen by looking at
the mean response spectrum shown in Figure 3-16. There is an obvious shift to the longer
period range, as compared with the Wen and Wu suite, with the main energy content in
the 0.5 to 1 seconds range. Figure 3-17 compares the mean response spectra for the two
ground motion suites.
Figure 3-16: Mean and Mean± One Standard Deviation of Response Spectra - Rix and
Fernandez.
There are clear reasons for the perceived differences between the two suites of ground
motions. The Wen and Wu ground motions are representative of three different cities
(Memphis, St. Louis, Carbondale) with different soil profiles where as the Rix and Fernan-
dez ground motions are developed for Memphis. Memphis is noted for deep soil column
and St. Louis is located over a relatively thin soil layer. Figure 3-17 illustrates the effects
of nonlinear soil behavior in the short period range and the soil column resonances in the






Figure 3-17: Mean Response Spectra for Wen and Rix Ground Motion Suites.
underlying source model used. Rix and Fernandez used the Frankel et al. (USGS, 1996)
model while Wen and Wu used the Atkinson and Boore Atkinson and Boore (1995) model.
A third difference is that the Rix and Fernandez ground motions are deterministic whereas
the Wen and Wu ground motions are probabilistic.
3.4 Closure
In this chapter, the seismic hazard present in the Central and Southeastern United States is
highlighted. It is seen that although seismic activity in the region is not as frequent as that
in the Western US, there is serious cause for concern due to the geological make-up of the
region.
Two suites of synthetic ground motions are identified to help quantify the nature of the
seismic hazard in the region. One suite is constructed of probabilistic ground motions and
the other suite is constructed of scenario seismic events. The final ground motions, which
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are used throughout this study, were manipulated to produce two orthogonal components
for each ground motion.
When comparing the two suites of time histories, it is clear that the frequency content
and typical time durations are different. The suite based on the work of Wen and Wu (2001)
tend to be strong in the short period range whereas the suite based on the work of Rix and
Fernandez-Leon (2004) is strong in the long period range. As suspected, this difference will
become evident in the demand and fragility calculations presented later in this document.
This is also the likely reason that differences in bridge responses are more pronounced




BRIDGE INVENTORY OF THE CENTRAL AND
SOUTHEASTERN UNITED STATES
To carry on a study of the vulnerability or fragility of highway bridges in the Central and
Southeastern United States, it is essential to have an understanding of the bridge inventory
in the region. An in-depth study of the bridge inventory for the CSUS is presented in this
chapter. This inventory study utilizes the National Bridge Inventory (NBI) database and
specific bridge plans which were attained from the various state departments of transporta-
tion (DOTs).
There are 11 states considered in this study which are listed in Table 4-1. These states
were selected for inclusion based on their relative seismic hazards. Figure 4-1 presents the
11 states overlaying the 2% in 50 year hazard map for the region. It is recognized that
there could be a number of additional states included but the goal is to keep the number
manageable while maintaining a representative cross-section of the region.
Table 4-1: States Considered in the Inventory Study.
States
Alabama Indiana North Carolina













Figure 4-1: States Considered in the Inventory Study with Hazard Map.
The first task of this study is to identify typical bridge classes and select a small number
of bridge classes which would represent a significant portion of the overall inventory. This
is presented in the next section. The subsequent sections are devoted to exploring the
characteristics of the selected bridge classes.
4.1 Highway Bridge Inventory Analysis
When assessing the vulnerability of bridges in a region it would be ideal to obtain construc-
tion plans for each bridge and generate their respective fragility curves. However, this is a
very costly approach and is not feasible for a region of any size. Helped by the fact that
many bridges in a particular region are similar, more general bridge classes can be defined
to which every bridge will be assigned. The task then, is to generate fragility curves for the
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typical bridge classes and not for individual bridges. This is the approach implemented in
this study. The bridge classes are created and the individual bridges are grouped using the
National Bridge Inventory (NBI) database as the basis.
In 1967, the Silver Bridge over the Ohio River collapsed and killed 46 people as the
result of a fracture in a pin connection (Phares et al., 2000). This failure highlighted the
need to regularly inspect our Nation’s bridges. The direct result was the generation of
the National Bridge Inspection Standards (NBIS) in 1971. These new standards required
that every bridge on public roads be inspected at least every two years (FHWA, 1994).
To help track and document these inspections, a framework was developed called the Na-
tional Bridge Inventory (NBI) database. This database contains basic information about the
bridge such as location, design type, material type, dimensions, conditions etc. and is to be
maintained by the state in which it resides.
Although the information provided in the NBI database is not a complete description of
each bridge it does provide sufficient information to allow for general classification. The
bridges in this study are assigned to one of 11 classes based on their construction material,
construction type and the number of spans. This information is contained in three of the
116 fields in the NBI. Table 4-2 and Table 4-3 show the possible construction materials and
possible construction types as they are listed in theRecording and Coding Guide for the
Structure Inventory and Appraisal of the Nation’s Bridges, which is a guide to the NBI.
As mentioned previously, the bridges in the 11 states are assigned to one of 11 bridge
classes. These classes are defined with the assumption that those bridges assigned to them
would have similar responses to seismic excitation. It is also assumed that tunnels and
culverts represent a significantly different type of system and are not considered as part
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Aluminum, Wrought Iron, or Cast Iron
Other
Table 4-3: Construction Types Listed in NBI (FHWA, 1995a).
Description
Slab Suspension
Stringer/Multi-beam or Girder Stayed Girder
Girder and Floorbeam System Movable - Lift
Tee Beam Movable - Bascule
Box Beam or Girders - Multiple Movable - Swing
Box Beam or Girders - Single or Spread Tunnel
Frame Culvert
Orthotropic Mixed Types
Truss - Deck Segmental Box Girder
Truss - Thru Channel Beam
Arch - Deck Other
Arch - Thru
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Table 4-4: Bridge Classes and Their Proportions.
Name Abbreviation Number Percentage
Multi-Span Continuous Concrete Girder MSC Concrete 10,638 6.5%
Multi-Span Continuous Steel Girder MSC Steel 21,625 13.2%
Multi-Span Continuous Slab MSC Slab 5,955 3.6%
Multi-Span Continuous Concrete Box Girder MSC Concrete-Box 916 0.6%
Multi-Span Simply Supported Concrete Girder MSSS Concrete 30,923 18.9%
Multi-Span Simply Supported Steel Girder MSSS Steel 18,477 11.3%
Multi-Span Simply Supported Slab MSSS Slab 9,981 6.1%
Multi-Span Simply Supported Concrete Box Girder MSSS Concrete-Box 4,909 3.0%
Single-Span Concrete Girder SS Concrete 22,793 13.9%
Single-Span Steel Girder SS Steel 18,281 11.2%
Other 18,945 11.7%
Total 163,433 100%
of this study. Table B-1 in Appendix B lists the defined bridge classes and the NBI data
entries that belong to those classes. There are 163,443 bridges in the target area and the
proportion of these bridges that fall in each of the respective bridge classes are shown in
Table 4-4.
Upon examination of the results presented in Table 4-4, it is seen that nine of the ten
bridge classes make up 87. % of the total number of bridges in the CSUS. The only bridge
class listed in Table 4-4 that does not contribute significantly to the total number of bridges
is the MSC Concrete-Box girder class. It represents less than 1% of the overall inventory
and is therefore not included in the fragility study for the region. Overall, nine bridge
classes, which are concisely presented in Table 4-5, are considered in later chapters. To
facilitate discussion and comparison later on, it is also useful to note the equivalent HAZUS
bridge classes (FEMA, 2003). These equivalent designations are also given in Table 4-5.
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Table 4-5: Nine Bridge Classes Considered for Fragility Study.
Bridge Classes HAZUS Designations
MSC Concrete HWB10, HWB22
MSC Slab HWB10, HWB22
MSC Steel HWB15, HWB26
MSSS Concrete HWB5, HWB17
MSSS Concrete-Box HWB5, HWB17
MSSS Slab HWB5, HWB17
MSSS Steel HWB12, HWB24
SS Concrete HWB3
SS Steel HWB3
4.2 Bridge Class Statistics
With the nine bridge classes identified, it is now necessary to examine the bridge charac-
teristics that are associated with each class. This is done once again by looking at the NBI
and evaluating each bridge class independently. Although it is desirable to get complete
descriptions of each bridge, the NBI does not contain that kind of detailed information.
Therefore general inferences on the bridge classes can be made from the NBI but actual
bridge plans are required to assign typical details to each class. From the data provided in
the database, the following information is obtained and analyzed:
• Number of spans
• Maximum span length
• Deck width




• Deck condition rating
• Superstructure condition rating
• Substructure condition rating
This information gives insight about the typical geometric configuration of each bridge
class. The year a bridge was built gives an indication about the design as it pertains to seis-
mic considerations. It was not until approximately 1990 that seismic design began to make
its way into bridges being built in the non-California regions of the United States (FEMA,
2003). Also the condition ratings lend some insight into the deterioration these bridges
have incurred over the years and give an indication of the appropriateness of modeling
according to as-built plans.
For some of these items, it is sufficient to note their general tendencies such as the mean,
median, standard deviation and data range. For other items it is necessary to explore their
relative likelihoods to allow for future simulations. These items specifically are the number
of spans, the span length, the deck width and the vertical underclearance. This information
can be formulated and presented in a couple of different ways, one of which is through the
estimation of the probability laws. These probability laws that describe these data using
conventional statistical tools such as parameter estimation and distribution testing (Ang
and Tang, 1975; Hayter, 2002). Although this can be useful, particularly with small data
sets, it is not necessary in this case. With the data set sizes being on the order of thousands
and also being representative of the entire population, a simpler and more exact approach
can be taken to describe the distribution of the respective bridge parameters. This approach
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is simply to create a cumulative distribution function (CDF) empirically from the data. It
is a non-parametric representation of the data set’s distribution.
4.2.1 Empirical Cumulative Distribution Functions
A cumulative distribution function,FX(α), gives the probability that the value of a particular
parameter will be less than or equal to some levelα as given in Equation 4.1.
FX(α) = P[X ≤ α] (4.1)
The empirical CDF is generated by first recognizing that each individual sample from a
data set of sizeN has an equal probability of occurring which is1N . The data set is then
rank ordered wherex1 ≤ x2 ≤ x3 ≤ · · · ≤ xN. The value of the CDF of thei th observation is





Although there are different ways of actually estimating the values of the empirical
CDFs, (e.g. rank mean, rank median etc.), when the sample sizes become as large as they
are in this study, there is only a negligible difference between the proposed estimators.
Figure 4-2 shows an example of an empirical CDF as it would be generated from a data set.
4.2.2 Number of Spans
It is clear that the number of spans takes on discrete values in the form of integers. It is
therefore appropriate to model the number of spans with a discrete distribution. Because of


















Figure 4-2: Sample of Empirical Cumulative Distribution Function (CDF).
Table 4-6: Span Number Statistics for Seven Multi-Span Bridge Classes.
Class Mean Std. Dev. Median Mode
MSC Concrete 3.83 2.01 3 3
MSC Slab 3.31 1.64 3 3
MSC Steel 3.72 2.53 3 3
MSSS Concrete 4.19 2.69 3 3
MSSS Concrete-Box 3.06 0.98 3 3
MSSS Slab 4.17 2.68 3 3
MSSS Steel 3.68 2.20 3 3
rather examine the frequency of the data at each span number. Therefore, in this study, the
non-parametric probability mass function (PMF) for the number of spans in each bridge
class was generated. This was accomplished by counting the number of bridges with a
particular number of spans and dividing by the total number of bridges. Figures 4-3 and
4-4 show the PMFs for each of the seven multi-span bridge classes. Table 4-6 gives some
of the statistics for this parameter for the same bridge classes.
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Figure 4-3: Non-Parametric PMFs for Multi-Span Continuous Bridge Types (a) Concrete
(b) Slab (c) Steel.


























































Figure 4-4: Non-Parametric PMFs for Multi-Span Simply Supported Bridge Types (a)
Concrete (b) ConcreteBox (c) Slab (d) Steel.
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There are a number of interesting points that should be highlighted with respect to
the bridge span number statistics. Examination of PMFs for the seven multi-span bridges
reveals that the large majority of these bridges have two to five spans. There is a noticeable
difference in the level of dispersion between the continuous girder bridges and the simply
supported girder bridges. One would expect that longer bridges (i.e. more spans) are more
disposed to have simply supported girders and indeed the data supports this expectation.
For the three continuous girder bridge classes, it is seen that over 90% of all their bridges
are five spans or less. he simply supported girder bridge classes tend to have more of
their bridges with a larger number of spans. However, they still have over 82% of all their
bridges with five spans or less. It is noted that the Concrete-Box girder bridge is the one
exception to this trend.
It is also important to note in Table 4-6, that the most likely number of spans for any
bridge class is three. The median number of spans for all of the bridges classes is also
three. Therefore, the analytical bridge models developed in this study all contain three
spans except for the two single span bridge classes. It is much simpler and more straight
forward to use a fixed number of spans for fragility curve generation. Furthermore, HAZUS
provides a straight forward way for fragility curve adjustment depending on the number of
spans (FEMA, 2003) making this a viable approach.
4.2.3 Maximum Span Length
The NBI does not list the length of every span in a bridge because of the logistics of doing
so. Rather, it provides the length of the bridge’s longest span in meters. Although this does
not give a complete description of the span configuration of the bridge, it does give a sound
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basis from which to make assumptions. In this study, it is assumed that the span length
configuration is symmetric along the length of the bridge. For a two span bridge this would
imply that both spans have a length equal to the maximum span length. For bridges with
more than two spans it is assumed that all middle spans have lengths equal to the maximum
while the two end spans, that tie into the abutments, have some typical fixed length. This
study assumes that these end spans have a fixed length of 12.2 meters which was deduced
from acquired bridge plans. For bridges with three spans or greater, it is typical that the
end spans function as the approach spans whose lengths don’t fluctuate much from bridge
to bridge.
Some basic statistics (i.e. mean, median and standard deviation) for the maximum span
length of each bridge class are presented in Table 4-7. These statistics are useful in giving
an idea of central tendency and dispersion but they do not sufficiently describe the data
for the purposes of this study. The empirical CDFs for the maximum span length of each
bridge class is required, as they give a complete description of the data distribution and
allow for the chosen simulation techniques. The plots of the CDFs are given in Figure 4-5.
There are a few trends in the maximum span lengths that are worth noting. As expected,
bridge classes with continuous spans typically have longer span lengths. For example, in
Table 4-7 it is seen that the average span length for the MSC Concrete bridge is 19.89
meters while its simply supported counter part, MSSS Concrete bridge has an average
length of 12.43 meters. This trend is consistent through the steel and slab bridges as well.
When comparing the MSSS Concrete bridge with its steel and slab equivalents, it is
noted that the steel girder bridges tend to have the longest span lengths with an average
length of 15.45 meters. This is followed by the concrete and slab bridges having average
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Table 4-7: Maximum Span Length Statistics for Nine Bridge Classes.
Class Mean Std. Dev. Median
(m) (m) (m)
MSC Concrete 19.89 7.24 19.20
MSC Slab 9.63 4.39 9.10
MSC Steel 26.38 15.25 24.35
MSSS Concrete 12.43 6.51 10.40
MSSS Concrete-Box 13.91 4.76 12.80
MSSS Slab 7.35 3.61 6.00
MSSS Steel 15.45 9.20 13.10
SS Concrete 15.07 7.42 13.40
SS Steel 17.87 11.67 13.70































































Figure 4-5: Empirical Cumulative Distribution Functions for the Maximum Span Lengths
of (a) Continuous Span Bridges (b) Simple Span Bridges (c) Single Span Bridges.
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Table 4-8: Deck Width Statistics for Nine Bridge Classes.
Class Mean Std. Dev. Median
(m) (m) (m)
MSC Concrete 12.87 5.29 12.60
MSC Slab 10.73 4.33 9.80
MSC Steel 12.16 6.37 11.70
MSSS Concrete 10.14 4.01 9.10
MSSS Concrete-Box 8.69 2.05 8.20
MSSS Slab 9.14 2.66 8.40
MSSS Steel 9.61 5.02 8.20
SS Concrete 8.59 2.84 7.90
SS Steel 6.29 2.24 5.76
span lengths of 12.43 meters and 7.35 meters respectively. This trend is also consistent in
the continuous span and single span bridge classes. These trends are also clearly evident in
Figure 4-5.
4.2.4 Deck Width
Similar to the maximum span length, the deck width is measured in meters and is used for
simulation purposes later in this study. The recorded deck width in the NBI is the out-to-
out (parapet-to-parapet) width along the majority of the bridge length. Some bridges do
flare as a result of an on-ramp or an off-ramp but these configurations are not a significant
part of the inventory and are not considered as part of this study. Once again, the mean,
median and standard deviation for each bridge class are calculated and presented in Table
4-8. The empirical CDFs calculated from the respective data sets for the bridge deck width
are presented in Figure 4-6.
The deck widths of the continuous girder bridge classes range on average between
10.73 and 12.87 meters. However, examination of the empirical CDFs show that there is
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Figure 4-6: Empirical Cumulative Distribution Functions for Deck Widths of (a) Continu-
ous Span Bridges (b) Simple Span Bridges (c) Single Span Bridges.
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relatively small difference in the overall distribution of deck widths between the different
continuous girder bridges. These widths are slightly larger than the simply supported bridge
classes, which range between 8.69 and 10.14 meters. It is interesting to note that the single
span concrete and single span steel bridge classes have average widths of 8.59 and 6.29
meters respectively. These are considerably narrower than the multi-span bridges. This
phenomenon may be due to the types of roads on which the single span bridges lie. These
types of bridges would most likely be built on rural roads that require a short bridge to cross
something such as a small stream bed.
4.2.5 Column Height
The seismic response of a bridge is sensitive to the height of the columns or bents. The
NBI, unfortunately, does not explicitly record the height of bridge bents and/or columns.
There is a data cell, however, that does record the underclearance of the bridge. This
underclearance is measured from the underside of the bridge superstructure to the roadway
or railway surface beneath the bridge (FHWA, 1995a). From this information an inference
may be made as to the height of the columns or piers. It is assumed that the pier heights
correspond directly with the underclearance and the column heights would be on average
one meter less to account for depth of the bent beam and the height of the bearings.
A relatively low percentage of the bridges recorded in the NBI actually have an entry
other than zero in the underclearance data cell. The coding guide allows for a zero to be
entered if the feature below the bridge is not a roadway or railway. To be able to make
a stronger inference on the column heights the data from all bridge classes are combined,
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from which an empirical CDF can be estimated, among other statistics. The assumption
that follows, is that all bridge classes have similar typical pier/column heights.
After combining the underclearance data from all the bridge classes, the empirical CDF
was generated and plotted in Figure 4-7(a). Initial observation of this CDF shows that the
distribution is not unimodal, as evidenced by the step in the CDF. This is more clearly seen
by examination of the frequency diagram plotted in Figure 4-7(b) which shows that the
data has two distinct modes.






























Figure 4-7: Vertical Underclearance of Highway Bridges (a) Empirical CDF (b) Frequency
Plot.
The approximate values for the first and second modes of the distribution are roughly
5.0 and 7.0 meters respectively. Other statistics such as the mean and standard deviation
are less informative for a bimodal distribution than they are for unimodal distributions and
are therefore not presented here. Although there is no clear explanation for the bimodal
nature of this data, the modal values agree well with the acquired bridge plans. For the
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deterministic models a value of 5.0 meters is assumed for all bridge classes that employ
multi-column bents.
4.2.6 Bridge Skew Angle
Skew angle is another common bridge parameter of interest that is provided in the NBI.
The skew,θ, is the angle measured between the center line of the bridge supports and the
line perpendicular to the bridge center line. Figure 4-8 provides a schematic depicting the
skew for clarity. When the skew angle gets large it can significantly alter the response of a
bridge. It is easier, however, to make modeling assumptions when the skew angle is small.
For this reason this parameter was investigated for each class of bridges.
Figure 4-8: Schematic Depicting Bridge Skew Angle.
It is of interest to see the percentages of bridges, in a particular bridge class, within
certain ranges. Table 4-9 lists the percentages of bridges in each class in four angle ranges.
These ranges areθ = 0◦, 1◦ ≤ θ < 15◦, 15◦ ≤ θ < 30◦ andθ ≥ 30◦. Also included in
the table are a few sample statistics for each class such as mean, standard deviation and
median.
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Table 4-9: Skew Angle Statistics for Nine Bridge Classes.
Class Mean Std. Dev. Median 0◦ 1◦ − 15◦ 15◦ − 30◦ < 30◦
(Deg.) (Deg.) (Deg.) (%) (%) (%) (%)
MSC Concrete 13.11 15.74 6.00 47.0 18.1 21.0 13.9
MSC Slab 9.89 13.74 0.00 56.9 16.0 19.0 8.1
MSC Steel 13.19 16.14 5.00 47.1 17.0 19.9 16.0
MSSS Concrete 7.14 13.36 0.00 72.4 8.4 12.2 7.0
MSSS Concrete-Box 11.78 15.08 0.00 54.1 12.9 21.4 11.7
MSSS Slab 4.09 10.75 0.00 84.8 4.5 7.1 3.7
MSSS Steel 10.24 15.41 0.00 60.4 12.4 14.9 12.2
SS Concrete 7.67 13.57 0.00 70.6 8.8 13.2 7.4
SS Steel 4.21 11.00 0.00 83.8 5.2 6.5 4.5
It is interesting to note for the continuous girder bridges, that anywhere between 64.1%
and 72.9% of the bridges have skew angles of 15 degrees or less with a large majority of
those being zero degrees. When the MSSS and the SS bridges are considered it is seen that
even a larger percentage of the bridges are 15 degrees or less. For these classes, this ranges
between 67.0% and 89.3%. This implies that the majority of all the bridges considered
in this study have a small skew angle. Because of this it is justified to ignore the skew
angle in the fragility analysis of these bridge classes. In addition, HAZUS-MH provides a
methodology to adjust fragility curves to account for skew if it is required (FEMA, 2003).
4.2.7 Assorted Statistics
There are a few other statistics which aren’t explicitly required for simulation purposes but
rather are used for validating assumptions. These statistics include the year of construction
and the deck, superstructure and substructure ratings.
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Table 4-10: Construction Year Statistics for Nine Bridge Classes.
Class Median < 1990
(year) (%)
MSC Concrete 1985 66.8
MSC Slab 1980 72.6
MSC Steel 1975 79.6
MSSS Concrete 1972 80.7
MSSS Concrete-Box 1982 76.9
MSSS Slab 1971 84.0
MSSS Steel 1965 90.8
SS Concrete 1979 74.7
SS Steel 1969 83.5
4.2.7.1 Construction/Reconstruction Year
As stated earlier, the construction year can give an indication as to whether seismic con-
siderations were implemented rigorously in the design phase of the bridge. HAZUS-MH
highlights that if a bridge in California was built prior to 1975, then it has a conventional
and not a seismic design (FEMA, 2003). However, for non-California bridges the switch
from conventional to seismic design procedures did not occur until 1990. Therefore, the
year built is used to make decisions when generating analytical models. Table 4-10 presents
the median year of construction and also the percentage of the inventory that was built prior
to 1990.
The MSC Concrete bridge class appears to contain the newest bridges. It has a median
construction year of 1985 with only 66.8% of its bridges being conventionally designed.
Thus, it appears that it is one of the more popular bridge construction types in recent years.
On the other extreme is the MSSS Steel bridge class with a median construction year of
1965 and having over 90% of its bridges being conventionally designed.
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Some general observations are that the steel bridges appear to be a less favorable con-
struction material than concrete in recent years. This trend can be seen when looking at the
median as well as the percentage. In addition, it appears that the simply supported girder
bridges were more favored in earlier years but as seismic concerns became greater their
continuous girder counterparts became the preference. This is understandable due to the
unseating problems that simply supported bridges have exhibited in the past. Continuous
spans have also been more common because of the elimination of servicing required at the
hinges.
Clearly, the majority of bridges under consideration were built prior to 1990. Therefore,
this study assumes a non-seismic design when generating analytical models.
4.2.7.2 Condition Ratings
Every two years bridges in the inventory database are inspected and rated on their condition.
The rating scale is from zero to nine with nine being excellent condition and zero being a
failed condition. These ratings are given for the deck, superstructure and substructure of
each bridge. This information is not explicitly used when modeling but rather gives an
indication of the appropriateness of generating models from existing bridge plans. Table
4-11 gives the median rating values for each of the three components.
The median rating for most of the bridges and their components is seven, which is to
be interpreted as being in good condition with a few minor problems. One exception is the
MSSS Steel bridge class which has a six (satisfactory) rating for the deck and substructure.
This is to be expected since this bridge class contains the oldest bridges. Most of the bridges
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Table 4-11: Median Condition Ratings for Nine Bridge Classes.
Class Deck Superstructure Substructure
MSC Concrete 7 7 7
MSC Slab 7 7 7
MSC Steel 7 7 7
MSSS Concrete 7 7 7
MSSS Concrete-Box 7 7 7
MSSS Slab 7 7 7
MSSS Steel 6 7 6
SS Concrete 8 8 8
SS Steel 8 7 7
will be modeled based on typical bridge plans. However, experimental results will be used
to calibrate the steel girder bridge models to help account for some of this deterioration.
4.3 Closure
Nine bridge classes typical to the CSUS are identified. These nine bridges account for
almost 90% of the over 160, 00 highway bridges in the region. Statistics show that the
majority of all of these bridges have three spans and are of a regular configuration (i.e little
or no skew). Seismic design was not performed when most of these bridges were built,
thus, indicating the lack of seismic details in most of these bridges.
The information from this inventory analysis is not only used to identify typical bridge
classes but also to identify some of their basic structural and geometric characteristics. By
the very nature of the inventory information obtained herein, the fragility curves which
result from are most appropriate when considering suites of bridges across a region. If
a specific bridge is of interest, the actual configuration and structural parameters of that
bridge should be used to generate a bridge specific fragility curve.
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CHAPTER V
THREE-DIMENSIONAL ANALYTICAL MODELS OF
TYPICAL BRIDGES IN THE CENTRAL AND
SOUTHEASTERN UNITED STATES
The fragility curve generation methodology presented and used in this study is an analytical
approach and therefore requires analytical models of the subject bridges. These analytical
models can be generated with varying degrees of fidelity and any number of simplifying
assumptions. Analysis time increases as the fidelity of the model increases. Although there
is typically more confidence in the the models with higher fidelity, simplifying assumptions
are often required to make the processing times more feasible.
One common area of simplification comes in choosing the number of modeling dimen-
sions, two (2-D) or three (3-D). A two dimensional model is much more desirable because
a three dimensional model may be particularly complex. The question as to which two
dimensions should be modeled (i.e. longitudinal or transverse) arises and is not easily an-
swered. There have been a number of studies that indicate that the longitudinal direction
controls the response of the bridge (Choi, 2002; Rashidi and Ala Saadeghvaziri, 1997; Shi-
nozuka, 1998) while others maintain that the loading in the transverse direction controls
the damage of the bridge (Ala Saadeghvaziri and Rashidi, 1998; Cheng et al., 1998). There
are yet others who believe that a bridge must be modeled in three dimensions and have the
73
longitudinal and transverse responses combined in some fashion to adequately represent
the system (ATC, 1991; Jernigan and Hwang, 2002; Yashinsky, 1999). In a probabilis-
tic framework this last recommendation makes sense. It is highly probable that although
the longitudinal direction controls in a deterministic setting, the transverse response still
makes a significant contribution in a probabilistic setting. This is best understood in the
framework of total probability. Equation 5.1 illustrates the law of total probability when
calculating the probability of reaching some limit state, LS.
P[LS] = P[LS|long] · P[long] + P[LS|trans] · P[trans] (5.1)
Although the probability is high of entering the limit state when the loading is in the
longitudinal direction, the total probability can still be affected by a transverse loading.
This type of effect cannot be measured in a deterministic analysis.
It is clear from the many different views on this issue that there is no definite methodol-
ogy that should be used for the analytical modeling of bridges. It may also be irresponsible
to assign one methodology to all different bridge types. Therefore, in this study, 3-D mod-
els will be generated for all nine of the subject bridge types presented in Chapter 4. With
the 3-D models, it becomes possible to explore the nature of the 2-D responses in a proba-
bilistic framework.
5.1 Typical Highway Bridge Construction
Highway bridges, such as the one shown in Figure 5-1, are usually constructed by using a
number of typical bridge components. These components are classified into one of three
main categories. The first such category is known as the superstructure which consists
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of the girders, deck slab and parapet. These components are illustrated and labeled in
Figure 5-2. The second category is known as the substructure which are the components
which provided support to the superstructure. The substructure consists of abutments, bents
(beams and columns), footings and foundations (piles). The third category of components
are the bearings whose primary responsibility is to tie the superstructure to the substructure.
Figure 5-1: Picture of Example Highway Bridge.
The analytical bridge models generated in this study have a high degree of fidelity
and therefore require a significant amount of detail in modeling the various bridge compo-
nents. The models are created in the analysis softwareOpenSees which was initiated and is
maintained by the Pacific Earthquake Engineering Research (PEER) Center (McKenna and
Feneves, 2005). Appendix C contains a comprehensive discussion of each relevant bridge











Figure 5-2: Illustration of Major Bridge Components.
5.2 Three Dimensional Analytical Models of Typical Bridges
In this section, analytical models of the nine considered bridge classes which are common
to the CSUS are developed and presented. The intent here is to present the analytical model
for a typical configuration for each bridge class and illustrate a typical seismic response for
each class. Nonlinearities are considered in material and bridge component behavior. Five
percent Rayleigh damping is used in these models. The damping coefficients are calculated
such that five percent damping occurs in the first two modes as calculated by the eigenvalue
analysis. Note five percent damping is used for the deterministic analyses presented in this
chapter. In later chapters the damping ratio is assumed to be a random variable.
The seismic response is illustrated using a single ground motion from the suite of Rix
ground motions (Rix and Fernandez-Leon, 2004). The selected ground motion has a mag-
nitude 7.5, an epicentral distance of 20 km and a duration of 25.1 seconds. The ground
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motion also has a peak ground acceleration (PGA) of 0.65 g and a response spectrum with
five percent damping, as is presented in Figure 5-3. The time history analyses are con-
ducted using a time step of 0.0025 seconds. However, these time steps may be reduced
further when numerical convergence issues arise. It is also noted that the ground motions
are applied at the pile caps and abutments where the soil-structure interaction is simply ac-
counted for with a set of springs. This pattern holds for all time history analyses performed
in this study.



































Figure 5-3: Ground Motion Used for Illustration of Seismic Responses (a) Time History
(b) Response Spectrum (5% Damping).
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5.2.1 Multi-Span Simply Supported Concrete Girder Bridge
5.2.1.1 Layout
A typical configuration for a Multi-Span Simply Supported Concrete (MSSS Concrete)
girder bridge is shown in Figure 5-4. This bridge has three spans which are 12.2, 24.4 and
12.2 m long respectively for a total length of 48.8 m. The width of each span is 15.01 m
which is constructed of eight AASHTO type prestressed girders. The girders for the end
spans are AASHTO Type I girders which bear on a pile type abutment at one end and a
multi-column bent at the other end. The center span utilizes AASHTO Type III girders
which are supported fully by two multi-column bents. The bearings for this bridge are
elastomeric pads with two 25.4 mmφ steel dowels as seen in Figure C-25. For the type
I girders the pads are 406 mm long by 152 mm wide and 25.4 mm thick while the type
III girders use pads which are 559 mm long by 203 mm wide and still 25.4 mm thick. As
mentioned previously, the only difference between the fixed type and the expansion type
bearings is the size and shape of the holes for the steel dowels. The fixed bearings and
expansion bearings alternate along the length of the bridge and are noted as triangles and
circles respectively in Figure 5-4.
The multi-column bents for this bridge each consist of a 1066.8 mm wide by 1219.2
mm deep reinforced concrete bent beam held up by three 914 mmφ by 4600 mm tall
circular reinforced concrete columns which in turn are tied to individual pile foundations.
These columns are spaced horizontally at 5.0 m on center. The bent beam uses 15-#29 and
4-#16 reinforcing bars across the section while transverse steel is provided by #16 stirrups
spaced on average of 305 mm as seen in Figure 5-5(b). The columns use 12- #29 bars to
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Figure 5-4: MSSS Concrete Girder Bridge Configuration.
provide longitudinal reinforcement which are contained by #13 transverse bars spaced at
305 mm which is shown in Figure 5-5(a). The design strength for the concrete is assumed
to be 20.7 MPa while the reinforcing steel has a yield strength of 414 MPa. The specifics
of these column details come from an investigation of existing bridge plans and also from
the work done by Hwang et al. (2000).
The layout for the pile foundations used for this bridge type are illustrated in Figure C-
51(b). The pile caps are 2438 mm square and 1092 mm thick reinforced concrete footings
with the reinforcement being placed on the bottom side. Eight piles are used in this layout
and are embedded into the bottom of the footing approximately 305 mm with no positive





#13 bars @ 305 mm o.c.
12 - # 29 bars
5-5(a):
15 - # 29 bars
4 - # 16 bars





76.2 mm 76.2 mm
5-5(b):
Figure 5-5: Concrete Member Reinforcing Layout (a) Bent Beam (b) Columns.
914 mm long lap splices at the bases of the columns. It is this lap splice which has proven
to be problematic and a source of failure under seismic loadings.
The abutments used for this bridge are the pile-bent girder seat type abutments which
were introduced in Section C.4. Using existing bridge plans for guidance, it is assumed
that the abutments for this bridge type utilize a 2.4 m tall back wall in conjunction with ten
driven piles.
5.2.1.2 Seismic Response
An eigenvalue analysis of this bridge usingOpenSees reveals that its fundamental period
is approximately 0.62 seconds with the predominant motion being in the longitudinal di-
rection. This is a very dominant mode in that it activates∼ 84 percent of its mass in this
direction. The mode shape for this period is presented in Figure 5-6 and thus confirms
the longitudinal nature of the mode. The second mode is a transverse mode which is de-
coupled from the first mode with a period of 0.46 seconds, activating∼ 78 percent of the
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bridge’s mass. For a more detailed presentation of the modal data for all bridge types, refer
to Appendix D.
Figure 5-6: Fundamental Mode of MSSS Concrete Girder Bridge.
As mentioned previously, this bridge was subjected the the 0.65 g earthquake presented
in Figure 5-3 to illustrate the nature of its response to seismic loading. The loading was ap-
plied to the bridge in the longitudinal direction and also applied in the transverse direction
to allow for comparison of the different loading directions. Only the responses of a few of
the bridge components are presented in this section due to the large number of components
and responses in each bridge.
Figure 5-7 presents the displacement time histories for each of the three decks under
the different loading scenarios. Under the longitudinal loading, the simple supported nature
of the individual spans is highlighted in that the spans are permitted to move out of phase
with each other. This results in an overall displacement of approximately 100 mm. This
also results in column drifts of approximately 0.015 mm/mm. Under the transverse loading
scenario the two end spans of the bridge displaced more-or-less equally but the center span
with its larger mass experienced displacements as large as 180 mm. This loading however,
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produced column drifts on the order of 0.005 mm/mm thus indicating that most of the
displacement was due to deformation in the bearings.







































Figure 5-7: Deck Displacement Time Histories for MSSS Concrete Girder Bridge Under
(a) Longitudinal Loading (b) Transverse Loading.
In addition to column drift, the responses of the columns are also monitored and pre-
sented in terms of a moment-curvature relationship. Figure 5-8 shows this response for the
columns in the right most bent, as seen in Figure 5-4. The maximum moment seen in the
columns under longitudinal loading is on the order of 1600 kN-m resulting in a curvature
of about 0.01m−1. Another way of looking at the deformation or curvature of the columns






Whereκyield is the curvature in the column which causes first yield of the outer most re-
inforcing bar andκmax is the maximum curvature demanded of the column throughout the
loading. Under longitudinal loading, the ductility demand is around 2.8 while transverse
loading produces a demand ductility which is less than one indicating that the column re-
mains elastic. The same trend is observed for the other column line. It is clear from these
results that the longitudinal direction tends to be the most critical direction as far as column
response is concerned.
5-8(a): 5-8(b):
Figure 5-8: Columns of the MSSS Concrete Girder Bridge Under (a) Longitudinal Loading
(b) Transverse Loading
Another set of components which are of interest are the fixed and expansion bearings.
Their responses are given in terms of a force-displacement hysteresis from which maximum
deformations can be attained. Only the responses of the fixed bearings are presented here
in Figure 5-9 because the response of the expansion bearings were not much different. This
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similarity in responses of the two bearing types illustrates the relatively small impact that
the steel retaining dowels have on the overall response of the bridge. It is easily seen, in
Figure 5-9, the point where these steel dowels engage. Fixed bearings numbered 1, 2 and
3 correspond with the bearings under the left, middle and right spans respectively. The
maximum response under longitudinal loading occurred in fixed bearing #1 which resulted
in a maximum deformation of approximately 120 mm. However, the peak response in the
bearings occurred in bearing #2 under the transverse load with a maximum deformation
of 170 mm. In this case there is no clear loading direction which is more critical than the
other, thereby strengthening the argument for needing 3-D models.
The relatively flexible nature of these bearings does allow for a certain degree of de-
coupling of the superstructure from the substructure, but these types of bearings are also
susceptible to larger deformations. These larger deformations could result in the bearings
walking out from under the girders or could also lead to an unseating of the girders. Al-
though the figures are not presented here, there is evidence shown by the impact elements
that there was pounding between the individual decks and also the end spans with the abut-
ments. This pounding can help to limit the bearing deformation in one direction but can
also cause on increase in demand on other components, such as the abutments.
As introduced in Section C.4, the abutments respond in passive action (soil) and active
action (piles) in the longitudinal direction. However, the abutment response is only charac-
terized by the piles in the transverse direction. For this bridge type, the passive response of
the abutments in the longitudinal direction appears to dominate as seen in Figure 5-10. In
passive action the response became nonlinear resulting in a deformation which exceeded
25 mm. The pile action of the abutments never did exceed the linear range with maximum
84












































































































Figure 5-9: Fixed Bearings of the MSSS Concrete Girder Bridge Under (a) #1 - Longitudi-
nal Loading (b) #1 - Transverse Loading (c) #2 - Longitudinal Loading (d) #2 - Transverse
Loading (e) #3 - Longitudinal Loading (f) #3 - Transverse Loading
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deformations not much greater than 5 mm. This behavior is not alarming in that pound-
ing between the decks and abutments would tend to engage passive action while doing
little to engage active action. Since transverse loading doesn’t produce much in the way of
pounding, very little force gets transferred to the abutments.






































Figure 5-10: Right Abutment of the MSSS Concrete Girder Bridge Under (a) Longitudinal
Loading (b) Transverse Loading
5.2.2 Multi-Span Continuous Concrete Girder Bridge
5.2.2.1 Layout
The multi-span continuous concrete girder bridge is very similar to the MSSS Concrete
girder bridge. The layouts and configurations, as seen in Figures 5-4 and 5-11, are identical
except for one detail. The spans are made continuous by casting a concrete parapet between
the deck and girders as is illustrated in the detail of 5-11. This is generally done to reduce
maintenance as well as to reduce the dead load moment. This modification also helps when
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it comes to seismic loading in that it reduces the number of gaps at which pounding may
occur.
Figure 5-11: MSC Concrete Girder Bridge Configuration.
5.2.2.2 Seismic Response
With the addition of the parapet to the concrete girder bridge, the period shifts from 0.62
seconds to 0.54 seconds. This of course indicates that the structure became more stiff
because of the parapet. This first mode, whose mode shape is presented in Figure 5-12,
activates∼93 percent of its mass in the longitudinal direction. The second mode is a trans-
verse mode with a period of 0.42 seconds activating∼92 percent of its mass (see Table
D-2).
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Figure 5-12: Fundamental Mode of MSC Concrete Girder Bridge.
The overall displacement time history of the decks is not much different for this bridge
than for its simply supported counter part. However, it is observed that the decks and the
columns seem to move more-or-less together. This results in relatively low deformation in
the bearings over the bents but increases the demand in both the columns and the bearings
located at the abutments. Figure 5-13, which is the column response for the right most
column line, shows that the ductility demand on the columns increased to approximately
µc = 3.65 andµc = 2.36 for longitudinal and transverse loading respectively. Since the
overall displacements of the deck did not change much and the deformation did not occur
in the bearings over the bents, it stands to reason that the deformation must occur in the
columns as is seen.
As previously mentioned, the bearings over the bents experienced relatively little de-
formation under both loading conditions. These deformations are on the order of 5 mm.
This is not what was observed for the bearings over the abutments, however, where large
deformations on the order of 120 mm for longitudinal loading and 50 mm for transverse






Figure 5-13: Columns of the MSC Concrete Girder Bridge Under (a) Longitudinal Load-
ing (b) Transverse Loading
responsible for passive responses similar to those observed in Figure 5-10, with a maximum
deformation of 38 mm.
5.2.3 Multi-Span Simply Supported Concrete Box-Girder Bridge
5.2.3.1 Layout
Another bridge which is closely related to the previously discussed bridge types is the
multi-span simply supported concrete box girder bridge (MSSS Concrete-Box). A typical
configuration for this bridge type is given in Figure 5-14 which highlights some the slight
differences which are present. The substructure, including the abutments, bents and foun-
dations, is the same as before with the differences coming in the superstructure. The three
spans have a length of 12.2 m, 18.2 m and 12.2 m and are built using multiple precast box
girders which are post-tensioned together in the transverse direction. The change in span
lengths and in the structural configuration of the decks result in a change of the mass of the
system which in turn changes the response of the bridge.
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Post-tensioning rod


















0.838 m 76 mm asphalt overlay
16 @ 0.91 m = 14.62 m
Figure 5-14: MSSS Concrete-Box Girder Bridge Configuration.
The bearing system for this bridge type is slightly different than those for the prestressed
concrete girders. These bearings are still made of elastomeric rubber but are much larger
and thinner. The bearings run the full width of each box girder segment, which is generally
914 mm wide, and provide a bearing length somewhere between 305 mm and 457 mm
depending on the span length. The thickness of the pad is generally 6.4 mm thick for
spans less than 14.6 m and 12.7 mm thick for those spans greater than 14.6 m. As seen
in Equation C.1, the stiffness of the bearing is a function of its cross-sectional area and
its thickness. Because of their larger areas and smaller thicknesses, the stiffnes of these
bearings is greater than for those used with the AASHTO-type girders. Two steel retention
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dowels are used in each end of the box girders. A schematic of this bearing configuration
is given in Figure 5-15.
51 mm hole (typ) grouted at
fixed end and filled with
bitumen at expansion end
2 - steel dowels
per 914 mm section
305 mm x 914 mm x 12.7 mm
Elastomeric pad
230 mm
Figure 5-15: Typical Elastomeric Bearing Used for Concrete-Box Girder and Slab Bridges.
5.2.3.2 Seismic Response
The aforementioned shift in the mass and stiffness of this bridge system causes there to
be a noticeable change in the fundamental period of the bridge which is 0.31 seconds.
This is approximately half the period calculated for the MSSS Concrete bridge but it still
is a longitudinal mode activating over 93 percent of the mass (Figure 5-16). The second
horizontal mode for this bridge is transverse with a period of roughly 0.14 seconds.
The response of the decks looks very much the same as that displayed in Figure 5-7 for
the MSSS Concrete bridge, however, the maximum displacement is around 50 mm instead
of 100 mm in the longitudinal direction and 30 mm in the transverse direction. This reduced
response is seen throughout most of the other bridge components. The response for the far
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right concrete column line is presented in Figure 5-17 which shows that both longitudinal
and transverse loading caused a curvature ductility of less thanµc = 1.0.




Figure 5-17: Columns of the MSSS Concrete-Box Girder Bridge Under (a) Longitudinal
Loading (b) Transverse Loading
The same trend is observed in the response of the bearings, both fixed and expansion
types. Under longitudinal loading, the maximum deformations in the bearings are 17 mm
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and 6 mm for the expansion and fixed bearings respectively. These deformations are even
smaller under transverse loading where all deformations come in under 3 mm.
It is clear from examination of the column and bearing responses that they may not
be the most vulnerable components in this bridge type. This becomes more apparent as
the responses of the abutments are evaluated. Figure 5-18 shows the response of the right
most abutment, as both the right and the left abutment responses are nearly identical. It is
observed that this bridge type tends to activate the piles in the abutment, which results in
active deformations exceeding 50 mm. Although this loading causes the piles to enter a
highly nonlinear range, while in the passive action it never leaves the linear range. This is a
completely different behavior than that observed in the concrete girder bridges where most
of the abutment response was in passive action. This significant change is not difficult to
understand as we consider once again the increased stiffne s of the bearing system. Pre-
viously the bearings were fairly flexible and allowed for relatively large displacements to
occur between the decks and the abutments. These large deformations resulted in pounding
on the abutment and hence a significant demand in passive action. On the other hand the
relative displacement between the deck and abutments for this bridge type is quite small
thereby eliminating any pounding eff cts. This causes all loads from the decks to be trans-
ferred to the abutments via the bearings themselves. This load transfer is indiscriminate as
to which way it loads the abutments. Since the stiffness of the abutments is lower in active












































Figure 5-18: Abutments of the MSSS Concrete-Box Girder Bridge Under (a) Longitudinal
Loading (b) Transverse Loading
5.2.4 Multi-Span Slab Bridges
5.2.4.1 Layout
Two bridge classes which are very closely related to the box girder bridges are the multi-
span simply supported (MSSS Slab) and the multi-span continuous slab (MSC Slab) bridges.
Their superstructure or decks are often constructed in the same manner using 914 mm wide
precast prestressed concrete sections which also use the same bearing system as given in
Figure 5-15. Cast in place reinforced concrete can also used, but the bearing system is still
generally the same .
The slab bridge construction is generally used for bridges requiring shorter span lengths
which also results in a smaller substructure system. The configuration for the slab bridges,
both simply supported and continuous, is shown in Figure 5-19. All three of the spans are
equal in length measuring 9.15 m resulting in an overall bridge length of 27.45 m. These
spans are made continuous either by casting a concrete parapet between the segments or
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my making a continuous pour for cast in place concrete. The deck comes in at a width of
10.1 m and a depth of 0.41 m.
Figure 5-19: MSSS Slab Bridge Configuration.
The main difference between the box girder and the slab bridges comes in the sub-
structure. With shorter spans and subsequently smaller loads, the substructure for the slab
bridges tend to be smaller. Figure 5-19 provides a sketch of the two column bent used for
this bridge type. It was very common when many of these bridges were built to use stan-
dardized bridge plans to minimize design work. The configuration of this bent was taken
from one such set of plans used by the state of Tennessee. Column and bent cap sizes,
abutments and footing designs were not changed when the span length changed.
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The bent consists of two 762 mm square reinforced columns which are spaced at 6.1
m on center (see Figure 5-20(a)). They are 4.6 m tall using 8-#25 bars as longitudinal
reinforcement and transverse reinforcement being provided by #6 bars spaced at 305 mm
center to center. It is interesting to note that the column design including reinforcement
schedule, as indicated on the plans, is used for columns which range in height from two
meters to 15 meters.
#6 bars @ 305 mm o.c.
8 - # 25 bars
609.6 mm
76.2 mm 76.2 mm
762 mm
5-20(a):
10 - # 32 bars





76.2 mm 76.2 mm
5-20(b):
Figure 5-20: Reinforced Concrete Member Reinforcing Layout for Slab Type Bridges (a)
Bent Beam (b) Columns.
The size and reinforcement schedule for the bent beam is given in Figure 5-20(b). Like
the columns the bent beam design which comes in at 762 mm wide by 1,219 mm deep, does
not change as the span length changes. This design uses 10 - #32 longitudinal reinforcing
bars and #16 bars for the stirrups.
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The abutments and foundations still use pile type construction. The abutments use sin-
gle piles spaced at approximately 2,133 mm on center for a total of six piles per abutment.
The column foundations use six piles per footing which is 1.58 m wide by 2.34 m long and
1.1 m thick. This footing layout is seen in Figure C-51(a).
5.2.4.2 Seismic Response
With the short and relatively stiff nature of both the simply supported and continuous bridge
types, their fundamental periods are quite short. The MSSS Slab has a fundamental period
of 0.28 seconds while its continuous counter part comes in at 0.25 seconds. These bridge
types are different from the ones previously discussed in that their fundamental modes are
transverse which activate in excess of 93 percent of the mass. The first mode shape for the
simply supported bridge is given in Figure 5-21. The first mode for the continuous slab
bridge is very similar and hence is not presented here.
Figure 5-21: Fundamental Mode of MSSS Slab Bridge.
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The general responses for both bridge types are very similar. The deck displacements
for the MSSS Slab bridge, as seen in Figure 5-22, peak at approximately 10 mm and 35
mm for the longitudinal and transverse loads respectively. The continuous bridge sees max-
imum displacements around 10 mm and 20 mm for the same respective loading conditions.
The columns see very low levels of demand under the given loading scenarios. These
demand ductilities range fromµc = 0.22 for longitudinal loading toµc = 0.53 for trans-
verse loading of the MSSS bridge. The MSC bridge saw slightly larger ductility demands
which ranged fromµc = 0.19 under longitudinal loading toµc = 0.85 under transverse
loading. These responses may be a strong indication that the transverse direction controls
the response of slab type bridges.








































Figure 5-22: Deck Displacement Time Histories for MSSS Slab Bridge Under (a) Longi-
tudinal Loading (b) Transverse Loading.
98
As before, the bearings exhibit very minimal response with maximum deformations not
exceeding 5 mm for both loading directions. This is a consistent phenomenon between the
fixed and expansion type bearings which is a result of the steel dowels not being engaged
at such small deformations.
Abutments for these bridge types tend operate mostly in the active action which is
seen in Figure 5-23. This is similar to the MSSS Concrete-Box girder bridge, which is
not surprising considering the slab bridges utilize the same bearing type and configuration,
which was the cause of this phenomenon. Maximum abutment deformations are around 10
mm for both bridges under longitudinal loading but they increase to just over 20 mm under
transverse loading.










































Figure 5-23: Abutments of the MSSS Slab Girder Bridge Under (a) Longitudinal Loading
(b) Transverse Loading
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5.2.5 Multi-Span Simply Supported Steel Girder Bridge
5.2.5.1 Layout
The basic geometric configuration for the multi-span simply supported steel girder bridge
is the same as for the concrete girder bridge. As illustrated in Figure 5-24, the three spans
have lengths of 12.2, 24.4 and 12.2 m long which results in a 48.8 m bridge length. The
deck width is 15 m wide and uses eight steel plate girders with a concrete composite deck
on top. This superstructure is lighter than those built from concrete.
The gaps which are present between adjacent decks measure on average to be 25.4 mm
while the gaps between abutment back walls and the decks measure 38.1 mm. As seen
previously, the size of these gaps play a significant role in the degree of pounding that
occurs in the bridge during a seismic event.
The substructure for this bridge is identical to that of the MSSS Concrete bridge. The
only other difference is in the bearing system used to tie the superstructure to the substruc-
ture. Section C.2 discusses common types of steel bearings used for steel girder bridges
which were classified as either high-type or low-type and either fixed or expansion types.
The bridge model in this section assumes that the high-type bearings, which are illustrated
in Figure C-2, are implemented. These high-type bearings are typically used for longer
spans and therefore deemed appropriate for this model. The bearings are placed in the
bridge such that each span has fixed bearings at one end and expansion bearings at the
other as shown with the triangles and circles, respectively in Figure 5-24.
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Figure 5-24: MSSS Steel Bridge Configuration.
5.2.5.2 Seismic Response
The first mode, which is characterized by longitudinal motion, has a period of 0.30 seconds.
The mode activates mass equal to∼84 percent in this direction. The second mode, which
is predominantly transverse, has a shorter period of 0.25 seconds and an activated mass of
∼90 percent. A plot of the fundamental mode shape is given in Figure 5-25.
Close observation of the plot of the fundamental mode shape will highlight one of the
distinguishing characteristics of this bridge, which is the stiffness differential that exists
between the left-most span and the other two spans. The left-most bearing on the left span
is a fixed-type bearing which ties into the abutment and does not allow much movement
in the deck. The other two spans are tied into the relatively flexible columns and the far
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0.30 s
Figure 5-25: Fundamental Mode of MSSS Steel Girder Bridge.
right abutment with an expansion bearing and are therefore inclined to displace more. This
behavior is also clearly illustrated in Figure 5-26(a) which shows the displacement time
histories of the three deck sections. It is observed that the right two spans move more-
or-less together but the response of the left span is quite a bit smaller and considerably
different.
The curvature ductility demand on the concrete columns is slightly less than those in the
concrete girder bridges. The maximum demand placed on the columns is a ductility level
of approximatelyµc = 2.0, as is seen in Figure 5-27. Once again the transverse loading of
the bridge caused ductility demands not much greater thanµc = 1.0.
Past studies have shown that the steel bearings used in this study are a vulnerable com-
ponent of this bridge type (Choi, 2002). For this reason it is informative to observe the
responses of all of the bearings for this bridge when it is subjected to longitudinal load-
ing. Figure 5-28 shows the responses of the high-type bearings, both fixed and expansion.
Figure 5-28(a) demonstrates the composite behavior that exists in the high-type steel bear-
ings. The internal hysteresis loop, which captures the frictional component of the bearing
response, is narrower for this bearing than for the one attached to the middle span, as seen
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Figure 5-26: Deck Displacement Time Histories for MSSS Steel Girder Bridge Under (a)
Longitudinal Loading (b) Transverse Loading.
2.0
5-27(a): 5-27(b):
Figure 5-27: Columns of Left Bent of the MSSS Steel Girder Bridge Under (a) Longitu-
dinal Loading (b) Transverse Loading
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in Figure 5-28(c). This is because the frictional response component of each bearing is a
function of the normal force which is applied to it. Therefore, the shorter end spans have a
smaller mass producing smaller reactions and hence generate smaller hysteresis loops.
As previously mentioned, the far left span appears to respond somewhat independent of
the rest of the structure. This tends to place large demands on the bearings associated with
this span as presented in Figures 5-28(a) and 5-28(b). The fixed bearing sees a deformation
demand of up to 40 mm and the rocker bearing sees movement approaching 80 mm. This
type of movement in these bearing types generally result is some type of fracture or toppling
of the bearing. It should be pointed out that because the bearings behave the way they do,
not much demand is placed on the abutments, which remain practically linear.
5.2.6 Multi-Span Continuous Steel Girder Bridge
A description of the geometric configuration of the continuous span version of steel girder
bridges is given in Figure 5-29. As indicated by the description the steel girders are contin-
uous over the top of the bents. This is done to achieve longer spans than can be done with
simply supported girders. Therefore, the typical bridge configuration used in this study has
three spans which all have the same length of 30.3 m giving an overall length of 90.9 m
to the bridge. The deck width for this bridge is also 15 m and constructed with eight steel
plate girders. Sometimes the steel girders are haunched over each of the internal supports
to provide more capacity for vertical loads. Other than a small change in mass, this does
not change the seismic behavior much. For this reason and also to simplify the generation
of the analytical model, girders without haunches are used.
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Figure 5-28: Bearing Responses of the MSSS Steel Girder Bridge Under Longitudinal
Loading (a) Left - Fixed (b) Left - Rocker (c) Middle - Fixed (d) Middle - Rocker (e) Right
- Fixed (f) Right - Rocker.
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Figure 5-29: MSC Steel Bridge Configuration.
Although the multi-column bent and abutment assemblies are identical to the simply
supported version of this bridge, the bearing layout is noticeably different. This bridge still
uses the high-type bearings, using a single row of fixed-types over each of the bents and a
row of rocker bearings at each of the abutments. This layout can be seen in Figure 5-29.
5.2.6.1 Seismic Response
The longer span lengths and the reduced number of bearings in the continuous span steel
bridge cause it to have a longer period than the simply supported version. The first mode,
which is a longitudinal mode with a period of 0.44 seconds, is shown in Figure 5-30. This
same mode activates 96 percent of the mass in this direction, where the second mode, which
is has a period of 0.31 seconds, activates 95 percent of its mass.
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Figure 5-30: Fundamental Mode of MSC Steel Girder Bridge.
The displacement time history of the deck segments in both the longitudinal and trans-
verse directions are seen in Figure 5-31. As expected, the deck segments move together
for both loading scenarios with maximum displacements exceeding 150 mm in the longi-
tudinal direction and around 100 mm in the transverse direction. Due to the large mass and
the relatively small bearing stiffnesses at the abutments, this bridge experiences the largest
deck displacements of all bridge types. It is also noticed that the motion of the decks tend
to be of a long period nature.
The large displacements under which the decks are subjected are not without their con-
sequences. The curvature ductility demand on the columns as the bridge is subjected to lon-
gitudinal loading is quite large. Figure 5-32(a) shows this demand to be aroundµc = 6.28.
Poorly detailed columns, which have lap splices at the base of the columns and low levels
of confinement steel, are severely damaged under this level of demand. Transverse loading
places a much smaller, yet significant demand ofµc = 2.18, as shown in Figure 5-32(b).
The longitudinal loading of the MSC Steel bridge does not cause much displacement
demand on the fixed bearings, which are located over the bents. Figure 5-33(a) shows this
demand to be much less than 5 mm. The response of the expansion or rocker bearings,
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Figure 5-31: Deck Displacement Time Histories for MSC Steel Girder Bridge Under (a)
Longitudinal Loading (b) Transverse Loading.
8
5-32(a): 5-32(b):
Figure 5-32: Columns of Right Bent of the MSC Steel Girder Bridge Under (a) Longitu-
dinal Loading (b) Transverse Loading
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which are located at the abutments experience a much larger demand. The maximum de-
formation in the rocker bearings, as seen in Figure 5-34(a), exceeds 160 mm. Deformations
as large as these pose a serious threat, as toppling of the bearing is imminent.
The bearings, both fixed and expansion, experience large demands under a transverse
loading scenario. The hysteresis loop shown in Figure 5-33(b) depict deformations ex-
ceeding 60 mm and forces greater than 300 kN at each fixed bearing. The response of the
expansion bearing, as seen in Figure 5-34(b), shows that the loads are large enough to fail
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Figure 5-33: Fixed Bearing at Left Bent of the MSC Steel Girder Bridge Under (a) Longi-
tudinal Loading (b) Transverse Loading.
The large longitudinal displacements of the deck and deformations in the expansion
bearings also cause significant pounding to occur at the abutments. As is the case when
pounding occurs, the abutments are loaded in passive action, which in this case results in
deformations of approximately 65 mm as seen in Figure 5-34(a). When deformations reach
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Figure 5-34: Expansion Bearing at Left Abutment of the MSC Steel Girder Bridge Under
(a) Longitudinal Loading (b) Transverse Loading.









































Figure 5-35: Left Abutment of the MSC Steel Girder Bridge Under (a) Longitudinal Load-
ing (b) Transverse Loading.
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levels this high they cause high pressures upon the back wall of the abutment, which not
only fails the soil, but causes failure in the back wall itself.
Due to the fuse type nature of the expansion bearings in the transverse direction, not
much load is transferred to the abutments under transverse loading. Figure 5-34(b) shows
loads per 1.9 m width of abutment do not exceed 200 kN or 8 mm of deformation. This is
in contrast with the∼1,500 kN load caused by the longitudinal loading.
5.2.7 Single-Span Concrete Girder Bridge
5.2.7.1 Layout
A typical single span bridge with concrete girders is shown in Figure 5-36. Construction
of this bridge is very similar to that of the the MSSS Concrete bridge other than it has no
intermediate supports. These single span bridges tend to be used in situations where a short
span is required or where an intermediate support is not feasible. The span length for this
bridge is 18.3 m while its width is 9.0 m, utilizing five concrete girders. These girders
are AASHTO type II and have a 16.5 cm thick concrete deck placed on top to create a
composite action.
Where this bridge uses the AASHTO type girders, the bearing types are the same as
in Figure C-25. The 25.4 mm thick elastomeric pads used with these girder are 457 mm
by 203 mm. These are still used in conjunction with steel restraining dowels, where the
only difference between a fixed and an expansion bearing is the size of the slot in which
the dowels insert.
The abutments used with this bridge type tend to be much taller so as to eliminate
wasted space due to sloping abutment fill. The abutment design assigned to the bridge
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Figure 5-36: SS Concrete Bridge Configuration.
in this study uses a back wall height of 6.0 m. Because of their tall nature they typically
employ many more piles below the footing than their multi-span bridge counterparts do in
an effort to provide additional resistance. The total number of piles used for this un-skewed
bridge with five girders is 15.
5.2.7.2 Seismic Response
The first mode of this bridge is a transverse mode with a period of 0.32 seconds and an
activated mass of 100 percent (see Figure 5-37). The second mode is a longitudinal mode
with a period of 0.32 seconds and an activated mass of 100 percent. This is indicative of
the highly simplistic behavior that a single span bridge is prone to exhibit.
The deck response to longitudinal loading, as shown in Figure 5-38(a), shows a max-
imum displacement of approximately 30 mm. It is interesting to note that there appears
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Figure 5-37: Fundamental Mode of SS Concrete Girder Bridge.
to be a permanent residual displacement of approximately 15 mm after the excitation has
subsided. The bridge response to transverse loading (Figure 5-38(b)), however, does not
result in the same degree of deformation and hence displays no residual displacement.















) Longitudinal Deck Response − Longitudinal Loading
5-38(a):


















Figure 5-38: Deck Displacement Time History for SS Concrete Girder Bridge Under (a)
Longitudinal Loading (b) Transverse Loading.
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The bearings at each end of the bridge experienced failure of the steel dowels when
loaded in the longitudinal direction, as seen in Figure 5-39. This resulted in deformations
in the bearings that are around 30 mm, which does not appear to be too excessive. The re-
sponse in the transverse direction is even smaller. The maximum deformation just exceeds
5 mm which manages to load up the dowels but not fail them.








































































Figure 5-39: Bearing Responses of the SS Concrete Girder Bridge for (a) Fixed - Longi-
tudinal Loading (b) Fixed - Transverse Loading (c) Expansion - Longitudinal Loading (d)
Expansion - Transverse Loading.
As seen before, the flexibility of the bearings tend to isolate the deck from the abut-
ments. Since the gaps between the deck and abutments are large at approximately 76 mm,
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there is no pounding that occurs. When no pounding occurs the demand placed on the
abutments is relatively small. This seismic load never caused the abutments to leave their
linear range in either passive or active action.
5.2.8 Single-Span Steel Girder Bridge
5.2.8.1 Layout
The geometric layout for the single-span steel girder bridge is identical to the SS Concrete
girder bridge as presented in the previous section. As can be noticed from inspection of
Figure 5-40, the difference comes in the type of girder system used. The concrete girders
are replaced by steel girders and the elastomeric bearings are exchanged for low-type steel
bearings.
Figure 5-40: SS Steel Bridge Configuration.
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As mentioned before, single span bridges tend to have shorter spans and are hence more
likely to have been built using the low-type steel bearings, which are presented in Figure
C-3. These bearings are much more stiff than their high-type counter parts due mainly to
their configuration and mode of operation.
5.2.8.2 Seismic Response
The very light superstructure and the very stiff bearings cause the SS Steel bridge to have
the shortest fundamental period of all bridge types at 0.17 seconds. In fact, the first mode
happens to be a vertical mode which activates 81 percent of its mass, the shape of which is
given in Figure 5-41. The second mode, which has a period of 0.10 seconds, is a transverse
mode activating 99 percent of its mass.
Figure 5-41: Fundamental Mode of SS Steel Girder Bridge.
Due to the short periods of the horizontal modes of this bridge, the responses of its com-
ponents under seismic loading are really quite small. Figure 5-42 shows the displacements
under which the deck goes. The displacements in both the longitudinal and transverse di-
rections are not much greater than 5 mm. As expected, when the deck response is this
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small, no pounding is expected and hence the abutment response is small, with deforma-
tions much less than 5 mm.















) Longitudinal Deck Response − Longitudinal Loading
5-42(a):


















Figure 5-42: Deck Displacement Time History for SS Steel Girder Bridge Under (a) Lon-
gitudinal Loading (b) Transverse Loading.
The bearings are the only components in the bridge that exhibit any degree of nonlinear
behavior, as seen in Figures 5-43 and 5-44. The nonlinearity of these component responses
comes from the addition of frictional forces to the forces on the anchor bolts. In spite of the
nonlinear response, the maximum deformations are right around 5 mm. Thus, the bearings
are not considered to have been damaged under this scenario.
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The SS Steel girder bridge has previously been determined to not be very vulnerable to
seismic events (Choi, 2002). The results from the analysis presented in this section would









































Figure 5-43: Fixed Bearing of the SS Steel Girder Bridge Under (a) Longitudinal Loading
(b) Transverse Loading.




































Figure 5-44: Expansion Bearing of the SS Steel Girder Bridge Under (a) Longitudinal
Loading (b) Transverse Loading.
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5.3 Closure
In this chapter, 3-D analytical bridge models are presented for the nine bridge classes pre-
sented in Chapter 4. The analytical models are created inOpenSees using component
models developed with a high degree of rigor in Appendix C. Because of the lack of in-
strumented bridges subjected to earthquakes, there is little opportunity to validate these
bridge models. However, experimental data for the various bridge components does allow
for development of appropriate component models.
Using a single synthetic ground motion specific to Memphis, TN, each bridge model
was loaded in its two orthogonal axes. This loading scenario is intended, not to facilitate the
drawing of conclusions, but rather give some sense for the relative response of the various
bridge types and also to use as a sanity check. Table 5-1 gives a simplified break down of
the vulnerable components of each bridge. An X indicates that the associated component
response implies vulnerability. From the deterministic analyses conducted in this chapter,
it appears as if the columns and the transverse behavior of the abutments are the most
vulnerable components across all bridge types. The longitudinal responses of the bearings,
both steel and elastomeric, also exibit vulnerabilities which are cause for concern.
The multi-span simply supported bridges tend to place significant deformation demands
on their bearings. This is especially true for the steel girder bridge which utilizes steel
type bearings. Pounding of adjacent decks is believed to be partially responsible for this
phenomenon. This is not so critical for the inherently smaller bridge types such as the
MSSS Slab and Concrete-Box girder bridges where pounding does not occur so readily.
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When the superstructures are made continuous, as in the MSC bridges, the demand
appears to shift partially from the bearings to the columns and abutments. Pounding is
restricted to the abutments thus placing larger demands on them in the passive action. The
MSC Steel girder bridge clearly shows this phenomenon.
The single span bridges appear to be the least vulnerable of all the bridge types. This
lack of vulnerability is due to the low inertial loads to which these bridge types are sub-
jected. The small inertial loads are attributed to these bridges being relatively short (see
Chapter 4). A more in-depth investigation of the seismic response of each bridge type is
carried out in the subsequent chapters of this document.
The responses discussed in this chapter are for a set of bridges which use typical values
for their analytical modeling parameters. It is likely that the general trend of these responses
change as the parameter values change. In the next chapter, an investigation into the sensi-
tivity each bridge response has to a number of different modeling parameters, is performed.







































































































































































































































SCREENING OF BRIDGE STRUCTURAL
PARAMETERS
6.1 Introduction
There are many parameters that go into defining the analytical bridge models which are
developed as part of this study. These parameters may be geometric in nature, such as span
length and column height or they may help define material or component behavior such
as concrete strength and bearing stiffness. Experience and common sense suggest, that the
values these parameters assume in real life will vary from structure to structure and may
also vary over time. A logical question that follows is whether or not this variation has
any significant impact upon the response of the structure. Answering this question for each
parameter will dictate whether its inherent variation must be explicitly considered or if it
may be neglected.
A number of methods are available to assist in the identification of significant param-
eters or factors. These methods are generally called screening or sensitivity studies. One
of the more traditional and intuitive of these methods is an approach called “one-factor-
at-a-time” (Wu and Hamada, 2000). In this method all but one of the factors are held at
a constant value. At this time, one factor is investigated by itself, changing its value and
observing the apparent impact it has upon the model. This is then done for each factor of
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interest. This is an iterative and consequently inefficient approach to the problem. Another
drawback of this method is its inability to estimate some factor interactions.
An extension of the “one-factor-at-a-time“ approach used is to explicitly examine the
derivatives of selected response quantities. The derivatives of these response quantities,
such as drift, deformation, forces etc., are functions of the various parameters in the model
and define the slopes of the response functions. The gradient of these response functions
are a measure of the sensitivity that the response has to each parameter (Haukaas, 2003).
Although a powerful and informative approach, this method requires that sensitivity equa-
tions for the various parameters of interest be implemented into a finite element code. Work
on implementation of these equations in theOpenSees framework has begun but currently
lacks the comprehensive library required for this study.
A method which is increasing in popularity is to screen the parameters using a “design
of experiments” (DOE) approach. This is a statistical approach which investigates the
significance of each factor while reducing the computational effort as compared to “one-
factor-at-a-time.” This approach is the variable screening method adopted in this study.
The following sections include a more detailed description of it’s setup and analysis and
also a presentation of the inferences made for each bridge type.
6.2 Screening Experiments
As previously mentioned, the screening of parameters for their relative significance is per-
formed in this study using a DOE approach. A conventional full factorial experiment is
a comprehensive study of all possible combinations of the parameters’ values. In a two-
level design, each parameter is considered at two values, both upper and lower, traditionally
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Table 6-1: Sample Full Factorial Experimental Design.
Run Parameters
No. A B C
1 - - -
2 - - +
3 - + +
4 - + -
5 + - -
6 + - +
7 + + +
8 + + -
noted as (+) and (-) respectively. For each combination of parameter levels, the experiment,
or in this case the bridge, is analyzed and the responses of interest are monitored. Setups
such as these require the running of 2k experiments, wherek is the number of parameters
being considered. Table 6-1 illustrates this concept using three parameters A, B and C.
Looking at all possible combinations of factor levels for each model allows an explo-
ration of the effects of each factor. It also allows the interaction effects that may or may
not exist between parameters. Although this is an ideal and most desired setup, one can
see that this becomes very computationally expensive when a large number of parameters
must be considered. For example, an experiment with 14 parameters, as is the case in this
study, will require 214 → 16,384 analyses. It is clear, that even if this were a reasonable
number of analyses to run for one bridge, it is not feasible when this must be done for nine
different bridge types.
Although the full factorial approach is highly informative, it is neither feasible or nec-
essary for the purposes of this study. When one is willing to sacrifice some information,
particularly high-order interaction eff cts, then the experimental setup may be reduced by
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a fraction 2−p, requiring the total number of runs to be 2k−p. Explicitly, the value ofp is the
fractional reduction in the number of experiments required. This value ofp is determined
by the experimenter, balancing the economics of the experiment with the information that
is desired.
One direct consequence of taking only a fraction of the full factorial design is that some
of the higher order effects become confounded or aliased with some of the lower order
effects. The term effects, as used here, is a measure of the change in model response due to
a change in a parameter or combination of parameters from their lower levels to their upper
levels. The actual calculation of these effects will be discussed later but suffice it to say
that in a fractional factorial experiment one may not be able to attribute an observed effect
uniquely to a single parameter. Rather it may be due to some interaction of parameters.
Although aliasing may appear to be a problem, there exist a few principles which help
to deal with it. The first such principle is the hierarchical ordering principle, which states
that the lower order effects are more likely to be important than the higher order effects.
The second principle states that the number of relatively important effects in a factorial
experiment is small. Finally, the third principle states, that in order for the interaction
between two parameters to be significant, at least one of the two parameters must also be
significant (Wu and Hamada, 2000). Therefore, if the fractional factorial design is such that
the main effects are only aliased with interactions of order three or higher then the results
that are attained are most likely due to the main effects of the single parameter.
What follows next is the concept of parameter screening using fractional factorial de-
sign. Many times an experiment has too many parameters to be able to reasonably consider
their interaction effects in addition to their main effects. For this reason the concept of
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screening designs was developed. A screening experiment is built around the three previ-
ously mentioned principles and assumes that given a large number of parameters, consid-
ering the main effects only, is acceptable in determining significance. Once the number
of parameters is reduced to a manageable number then second and higher order effects
may be treated explicitly. Therefore, the main task becomes creating a fractional factorial
design which produces main eff cts which are clear from aliasing with two-factor interac-
tions. The following subsections will introduce the screening design used in this study and
discuss the analysis and interpretation of the results.
6.2.1 Blocking
As mentioned previously, there are many parameters that define the analytical model of
any particular bridge. The parameters that define the geometry of the bridge tend to be
troublesome in that they often significantly alter the nature of the bridge. For instance,
the number of spans is one such parameter. It becomes difficult to say that a two span
bridge is nominally identical to a six span bridge and therefore is not a part of the same
homogeneous population. The same situation applies to other geometric parameters such
as span length, deck width and column height. Therefore, it may not be appropriate to
consider these parameters in the same way as one would consider the material parameters.
The concept of blocking within the screening experiment is one way of dealing with
the heterogeneity caused by these geometric parameters. Blocking is a way to take similar
populations, often with hard to change parameters, and place them into one group. The
differences between the blocks may then be examined. The general guideline for blocking
is that the units within a block should be more homogeneous than units between blocks (Wu
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and Hamada, 2000). It is proposed in this study that the geometry be treated by creating
eight typical bridge samples for each bridge class. This can be accomplished by sampling
on the geometry information presented in Chapter 4 using a Latin-Hypercube technique
(Ayyub and Lai, 1989; Iman and Conover, 1980). These eight bridge samples can then
be assigned to different blocks for treatment within the screening experiment. Thus, the
significance of geometry is considered on more of a macro scale rather than at the parameter
level. The actual samples of the bridge classes are presented with the discussion of each
bridge. These same samples are be used throughout the remainder of the study.
6.2.2 Screening Design
The fractional factorial screening design implemented in this study is chosen such that all
main effects are clear from aliasing with all two-factor interactions. When a maximum of
15 parameters is considered, a design with 32 runs is required to accomplish this (Wu and
Hamada, 2000). This means that the design would be classified as a 2k−p design where
k − p = 5. The 32 runs are then separated in to eight blocks to allow for the geometry, as
previously discussed. The statistical software package JMP, which is put out by the SAS
Institute, is used to generate these designs (SAS, 2004). Table 6-2 gives an illustration of
the design used for the SS Steel girder bridge, which considers nine parameters.
The design is taken one step further as there is some concern as to the effect of ground
motion intensity on the screening results. For this reason, two additional replicates of the
screening design are generated resulting in a total of 96 runs for each bridge class. Each
set of 32 runs is subjected to one ground motion and thus three ground motions are used.
The three ground motions are selected from the suite of synthetic ground motions provided
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Table 6-2: Screening Design for SS Steel Bridge (29−4) using JMP (SAS, 2004).
Run Block Parameter No.
No. No. 1 2 3 4 5 6 7 8 9
1 4 - - - - - - - - -
2 5 - - - - + + + + +
3 1 - - - + - + + + +
4 8 - - - + + - - - -
5 7 - - + - - + + - -
6 2 - - + - + - - + +
7 6 - - + + - - - + +
8 3 - - + + + + + - -
9 3 - + - - - + - + -
10 6 - + - - + - + - +
11 2 - + - + - - + - +
12 7 - + - + + + - + -
13 8 - + + - - - + + -
14 1 - + + - + + - - +
15 5 - + + + - + - - +
16 4 - + + + + - + + -
17 8 + - - - - + - - +
18 1 + - - - + - + + -
19 5 + - - + - - + + -
20 4 + - - + + + - - +
21 3 + - + - - - + - +
22 6 + - + - + + - + -
23 2 + - + + - + - + -
24 7 + - + + + - + - +
25 7 + + - - - - - + +
26 2 + + - - + + + - -
27 6 + + - + - + + - -
28 3 + + - + + - - + +
29 4 + + + - - + + + +
30 5 + + + - + - - - -
31 1 + + + + - - - - -
32 8 + + + + + + + + +
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by Rix and Fernandez-Leon (2004), with magnitudes of 5.5, 6.5 and 7.5 and epicentral
distances of 10 km, 10 km and 20 km respectively. They have peak ground accelerations
of 0.217 g, 0.484 g and 0.646 g and durations of 8.06, 13.45 and 25.09 seconds.
After generating the screening design, a time history analysis of each bridge realization
is performed and various responses of interest are recorded. The analysis of the data to
determine the significant factors is performed using an analysis of variance (ANOVA).
6.2.3 Analysis of Variance
In an ANOVA, each parameter is investigated to see its effect upon the variance of the
measured response. Those parameters that don’t affect the variance ofy much are desig-
nated as insignificant. This task is formalized through the creation of an ANOVA table in
which a hypothesis test is performed on each parameter. The null hypothesis,Ho, states that
the given parameter is insignificant, while the alternative hypothesis,HA, states otherwise
(Hayter, 2002). Appendix E gives a description of how to calculate the ANOVA table for a
fractional factorial design with blocking where only main effects are considered.
6.3 Parameter Screening for Typical Bridges
As pointed out previously, a screening experiment for each of the nine bridge types is con-
ducted using a 32 run three-replicate blocked design. Each set of 32 runs is executed using
one of three earthquake ground motion records. Responses of the various vulnerable bridge
components are recorded and are used for screening various structural parameters. Table
6-3 presents a list of the responses and their abbreviations. The parameters are screened
looking at both main effects plots and also the analysis of variance.
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Table 6-3: Monitored Component Responses for Screening Experiments of All Bridge
Types.
Abbreviation Description
Ductility* Curvature ductility of concrete columns
Fxd-tran Deformation of fixed bearings in transverse direction
Fxd-long Deformation of fixed bearings in longitudinal direction
Exp-tran Deformation of expansion bearings in transverse direction
Exp-long Deformation of expansion bearings in longitudinal direction
Ab-pass Deformation of abutments in longitudinal passive action
Ab-act Deformation of abutments in longitudinal active action
Ab-tran Deformation of abutments in transverse direction
*Only applicable to multi-span bridges.
6.3.1 Multi-Span Simply Supported Concrete Girder Bridge
To accommodate the blocking design of the screening experiments, eight bridge samples
are generated sampling upon the geometric distribution properties presented in Chapter 4.
Table 6-4 lists the bridge samples that are created for the MSSS Concrete girder bridge.
It should be noted that all bridges in this study are developed as three span bridges. As
seen in Chapter 4, the most commonly occurring number of spans is three. In addition, the
risk assessment framework used by HAZUS-MH utilizes fragility functions which are dis-
cretized by the number of spans a bridge possesses (FEMA, 2003). Hence, the assumption
made in this study will allow for a more direct implementation into HAZUS-MH.
The bridge samples, or in other words realizations, have span lengths that range from
7.6 m to 27.4 m. The deck width ranges from 6.6 m to 18.6 m and the column heights are
from 3.34 m to 6.06 m.
There are 15 parameters which are considered for the screening experiment of this
bridge type. The majority of these parameters help to describe the material properties and
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Table 6-4: Geometric Bridge Samples of MSSS Concrete Girder Bridge.
Bridge Spans Span Length Deck Width Column Height
No. (m) (m) (m)
1 3 7.60 8.20 4.43
2 3 9.10 7.50 3.34
3 3 10.70 12.60 3.74
4 3 20.10 8.60 4.00
5 3 13.40 10.40 4.23
6 3 9.40 9.20 6.01
7 3 12.20 18.60 6.06
8 3 27.40 6.60 3.88
component behaviors for this bridge. There are a few other parameters which also help to
define the geometry and loading of the bridge. Table 6-5 lists the considered parameters
and their lower and upper values which are used.
The upper and lower levels are selected such that they encompass the most reasonable
values for each parameter. The ranges for concrete strength, steel strength, dowel gap,
abutment gap, deck gap and damping ratio give specific values for the levels because they
are consistent throughout the bridge. The levels for all remaining parameters are expressed
in terms of a percentage of their deterministic values. These deterministic values are cal-
culated and used in accordance with the models given and implemented in Appendix C.
A separate analysis of variance is conducted for each of the eight responses outlined
in Table 6-3. The significance level used for the analyses in this study is 0.05 because
it is a very common and well accepted level. This is to say that if the p-value from the
ANOVA table is less than 0.05 then the parameter is assumed to contribute significantly to
the variance of the response. It should therefore be treated as a random variable and not as
a deterministic value. Due to the length and number of ANOVA tables required for each
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Table 6-5: Parameters Considered in the Screening of MSSS Concrete, MSSS Concrete
Box and MSSS Slab Bridges.
Parameter Description Abbreviation Lower Upper Units
No. Level Level
1 Concrete strength Conc Str 26.4 40.6 MPa
2 Steel strength Steel Str 438 555 MPa
3 Coefficient of friction for
elastomeric pads
Pad Frict 50 150 %
4 Initial stiffness of elas-
tomeric pads
Pad Stiff 50 150 %
5 Dowel strength Dowel Str 80 120 %
6 Gap at dowels for expan-
sion bearing only
Dowel Gap 0 50.8 mm
7 Initial stiffness of passive
abutment
Ab-Pas Stf 50 150 %
8 Initial Stiffness of active
abutment
Ab-Act Stf 50 150 %
9 Rotational stiffness of
foundations
Fnd-Rot Stf 50 150 %
10 Translational stiffness of
foundations
Fnd-Hor Stf 50 150 %
11 Mass Mass 90 110 %
12 Damping ratio Damp Ratio 0.02 0.08 ratio
13 Gap between abutments
and decks
Abut Gap 36 40 mm
14 Gap between decks Deck Gap 20 31 mm
15 Loading direction (Long
or Trans)
Load Dir L T
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bridge, a presentation of the entire table is not feasible. For this reason, just the p-values
pertaining to each parameter and its associated response is presented. Table 6-6 presents
the p-values calculated for the MSSS Concrete bridge where those less than 0.05 are in
bold face.
The ANOVA table is shown here to facilitate a comparison and discussion of screening
results. An observation of Table 6-6 reveals that given a significance level of 0.05, there are
nine of the 15 parameters which are significant for at least one of the measured responses
listed in Table 6-7. For instance, steel strength is a significant parameter as far as the
curvature ductility demand is concerned. Foundation rotational stiffness, damping ratio
and load direction also add significantly to the variance of the curvature ductility demand.
Load direction appears to be the most consistently significant parameter, since it is sig-
nificant in every monitored response, with very low p-values. This comes as no surprise


































































































































































































































































































































































































































































































































































































Table 6-7: Significant Parameters for MSSS Concrete Bridge.
Significant Parameters
Steel Str Pad Frict Dowel Gap
Ab-Pas Stf Ab-Act Stf Fnd-Rot Stf
Fnd-Hor Stf Damp Ratio Load Dir
Finding that the blocks are important was also expected. As mentioned previously, the
blocks contain the effects of both gross geometry and also seismic intensity. One would
anticipate that a 5.5 magnitude earthquake on a bridge with a span length of 30 m would
induce a different response than a 7.5 magnitude earthquake would on a 10 m long span
bridge. The real surprise comes in that blocks are only significant in four of the eight
responses.
6.3.2 Multi-Span Simply Supported Concrete Box Girder Bridge
The MSSS Concrete and the MSSS Concrete Box girder bridges are very similar in make-
up, in that they have the same substructure and similar superstructures. The girder systems
and bearing types are similar by both using elastomeric pads. The typical values for the ge-
ometric parameters are different and result in the eight geometric bridge samples presented
in Table 6-8. The span lengths range from 7.3 m to 20.7 m while the deck width is between
7.1 and 16.2 m. The column heights range between 3.5 and 6.4 m.
Because of the similarity of the bridge components between this bridge type and the
MSSS Concrete bridge type, the modeling parameters considered are the same. The 15
modeling parameters considered for this bridge are presented in Table 6-5. The upper and
lower ranges for the values of each parameter do not change from the Concrete bridge
because the materials and nature of the components are the same.
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Table 6-8: Geometric Bridge Samples of MSSS Concrete Box Girder Bridge.
Bridge Spans Span Length Deck Width Column Height
No. (m) (m) (m)
1 3 7.30 8.40 4.12
2 3 12.20 7.10 4.06
3 3 15.50 7.30 3.65
4 3 8.80 9.10 5.40
5 3 18.30 16.20 3.52
6 3 14.90 10.20 3.93
7 3 20.70 7.40 6.44
8 3 11.60 7.70 5.91
Using the same screening design and also the same three ground motions, time-history
analyses are conducted for the eight bridges presented in Table 6-8. An ANOVA is per-
formed for the eight component responses, as previously outlined in Table 6-3. The p-
values resulting from each of the hypothesis tests are presented in Table 6-30 at the end of
the chapter.
Because of the size and thickness of the elastomeric bearings in this bridge type, it
tends to be considerably stiffer than its concrete counterpart. This causes there to be a
shift in some of the parameters which are seen as significant in the modeling of this bridge
type. Table 6-9 lists the eight parameters which are significant for one or more of the
monitored responses. As seen previously, the loading direction plays the most significant
role in the response of the bridge. In fact, the only response where this parameter is not
seen as significant is the column ductilities, because this is the only response which is not
load direction specific.
Other significant parameters include the bearing model parameters which are pad fric-
tion, pad stiffness and dowel strength. As mentioned, the pads in this bridge type tend to
136
Table 6-9: Significant Parameters for MSSS Concrete Box Girder Bridge.
Significant Parameters
Pad Frict Pad Stiff Dowel Str
Ab-Act Stf Mass Damp Ratio
Hinge Gap Load Dir
be more stiff than those in the MSSS Concrete girder bridge. What these results show is
that this difference in stiffness is indeed an appropriate variation to capture and thus lends
strength to the argument that the MSSS Concrete and MSSS Concrete Box girder bridges
should be separate bridge classes. The remaining parameters, which are deemed signif-
icant, include the mass, damping ratio, active abutment stiffness and the gaps at hinges.
At a minimum, these are the parameters which must be treated probabilistically in future
studies.
6.3.3 Multi-Span Simply Supported Slab Bridge
The multi-span simply supported slab bridge is quite similar to the concrete box girder
bridge. The substructure is different, as shown in Chapter 5, yet the superstructure is very
much the same. Probably the largest difference between the two bridges is the typical length
of the bridge spans. The eight sample bridges generated from the empirical CDFs of the
bridge geometry data are given in Table 6-10. As already pointed out, the span lengths for
this bridge, which range between 6.7 and 14.0 m, are much shorter than for the concrete-
box girder bridge. Deck widths are also narrower ranging between 5.8 and 15.4 m. The
column heights have a minimum of 3.4 m and a maximum of 6.1 m.
The ANOVA for each of the modeling parameters and each of the component responses
result in the p-values given in Table 6-31 at the end of the chapter. The parameters which
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Table 6-10: Geometric Bridge Samples of MSSS Slab Bridge.
Bridge Spans Span Length Deck Width Column Height
No. (m) (m) (m)
1 3 10.70 10.00 4.86
2 3 7.60 8.70 3.39
3 3 12.80 10.10 5.70
4 3 9.10 14.50 4.33
5 3 6.70 5.80 4.09
6 3 14.00 8.40 3.77
7 3 10.40 8.20 3.93
8 3 9.10 7.70 6.11
have p-values less than 0.05, for at least one structural response quantity, are listed in Table
6-11. Once again, loading direction appears to be the most significant of all the parameters.
Gaps at the abutments also appear to play a significant role in the response of four of
the bridge components, thus, indicating the presence of pounding in the bridge. When
pounding at the abutments occurs, one should also see an increase in the passive demand
placed on the abutments. This may be the reason that the passive stiffn s of the abutment
in this model is determined to be significant.
It is also interesting to note that the mass of the bridge does not appear to be a significant
parameter in this model. One likely cause of this phenomenon is that the typical mass of
the bridge in comparison to the stiffness of the bearings is relatively small. Therefore, a ten
percent shift in the mass may not change the overall modal properties or response of the
bridge by much.
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Table 6-11: Significant Parameters for MSSS Slab Bridge.
Significant Parameters
Conc Str Pad Frict Pad Stiff
Ab-Pas Stf Ab-Act Stf Damp Ratio
Abut Gap Load Dir
Table 6-12: Geometric Bridge Samples of MSC Concrete Girder Bridge.
Bridge Spans Span Length Deck Width Column Height
No. (m) (m) (m)
1 3 39.60 21.20 4.00
2 3 22.60 12.80 3.93
3 3 18.90 10.80 6.29
4 3 21.00 8.00 3.19
5 3 26.20 13.10 4.20
6 3 10.40 14.10 3.64
7 3 14.50 8.70 4.46
8 3 15.20 9.80 5.93
6.3.4 Multi-Span Continuous Concrete Girder Bridge
A presentation of the continuous span concrete girder and concrete slab bridges is given
next. As seen before, one common motive for building continuous type bridges is to fa-
cilitate the building of longer bridge spans. It is seen in Chapter 4 that this indeed holds
true with the bridges in the CSUS. The range of spans lengths for the MSC Concrete girder
bridge, as give in Table 6-12, is between 10.4 and 39.6 m. The deck widths also have a
much larger range than do the simply supported bridges, where the minimum width is 8.0
m and the maximum width is 21.2 m. These deck widths are likely due to the particular
applications of this bridge type, particularly in high loading environments. Similar to the
other bridge types, the column heights vary between 3.2 m and 6.3 m tall.
139
The continuous nature of the MSC Concrete girder and MSC Slab bridges eliminates
the hinge gap which is present in their simply supported counter parts. As shown in Table
6-13, this cuts the number of parameters down from 15 to 14. All other parameters and
value ranges are identical to the MSSS types of bridges except for the abutment gaps. It is
customary in continuous span bridges to provide larger gaps than normally would appear in
the simply supported bridges. This is because all thermal expansion and contraction along
the entire length of the bridge must be accommodated at the abutment gaps. As a result,
the lower and upper levels for the abutment gap are 37 mm and 116 mm respectively (Choi,
2002).
The ANOVA of the component responses of this bridge type (see Table 6-32 at end of
chapter) show that the significance of the active stiffness of the abutments is second only
to loading direction. This is measured in terms of the number of responses for which it is
significant. Some of the load to the abutments is transferred through the friction compo-
nent of the bearings while the remaining part of the load is transferred through the retention
dowels. This is probably the reason for the abutment stiffness being significant to the bear-
ing responses, where there is clearly an interaction occurring. Other significant modeling
parameters, presented concisely in Table 6-14, include dowel strength, damping ratio and
abutment gap size.
6.3.5 Multi-Span Continuous Slab Bridge
Table 6-15 gives the eight bridge samples, used in both the screening study and subsequent
fragility analysis, for the MSC Slab bridge. As pointed out for the concrete girder bridges,
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Table 6-13: Parameters Considered in the Screening of MSC Concrete and MSC Slab
Bridges.
Parameter Description Abbreviation Lower Upper Units
No. Level Level
1 Concrete strength Conc Str 26.4 40.6 MPa
2 Steel strength Steel Str 438 555 MPa
3 Coefficient of friction for
elastomeric pads
Pad Frict 50 150 %
4 Initial stiffness of elas-
tomeric pads
Pad Stiff 50 150 %
5 Dowel strength Dowel Str 80 120 %
6 Gap at dowels for expan-
sion bearing only
Dowel Gap 0 50.8 mm
7 Initial stiffness of passive
abutment
Ab-Pas Stf 50 150 %
8 Initial Stiffness of active
abutment
Ab-Act Stf 50 150 %
9 Rotational stiffness of
foundations
Fnd-Rot Stf 50 150 %
10 Translational stiffness of
foundations
Fnd-Hor Stf 50 150 %
11 Mass Mass 90 110 %
12 Damping ratio Damp Ratio 0.02 0.08 ratio
13 Gap between abutments
and decks
Abut Gap 37 116 mm
14 Loading direction (Long
or Trans)
Load Dir L T
Table 6-14: Significant Parameters for MSC Concrete Girder Bridge.
Significant Parameters
Dowel Str Ab-Act Stf Damp Ratio
Abut Gap Load Dir
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Table 6-15: Geometric Bridge Samples of MSC Slab Bridge.
Bridge Spans Span Length Deck Width Column Height
No. (m) (m) (m)
1 3 15.30 8.80 4.08
2 3 13.90 13.00 3.85
3 3 6.70 15.10 4.26
4 3 8.90 7.20 5.98
5 3 7.60 10.60 6.34
6 3 9.10 11.10 5.40
7 3 10.60 8.00 3.90
8 3 12.10 6.90 2.47
this bridge class typically has longer span lengths than does its simply supported counter-
part. The bridge samples have span lengths which range from 6.7 m to 15.3 m long. The
deck width is similar, with values between 6.9 m and 15.1 m. It is clear that the possibility
of short wide spans is very real. One would expect this to have a large influence on the
responses of the bridges. Column heights vary from 2.5 to 6.3 m tall.
Looking at the same 14 modeling parameters as given in Table 6-13, an ANOVA is
conducted, resulting in the p-values presented in Table 6-33 at end of chapter. Of the sig-
nificant parameters listed in Table 6-16, the active stiffness of the abutment appears to be
the most significant parameter. This is not only seen by the fact it is significant for all
component responses, but also by the fact that most of the p-values∼ 0.00. Loading direc-
tion is also highly significant, affecting all parameters significantly except for the column
ductility. Five other parameters also are considered significant in one or more component
responses. This includes three bearing model parameters, which are significant in the bear-
ing responses.
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Table 6-16: Significant Parameters for MSC Slab Bridge.
Significant Parameters
Pad Frict Pad Stiff Dowel Str
Ab-Act Stf Fnd-hor Stf Damp Ratio
Load Dir
Table 6-17: Geometric Bridge Samples of MSSS Steel Girder Bridge.
Bridge Spans Span Length Deck Width Column Height
No. (m) (m) (m)
1 3 18.30 8.70 5.10
2 3 20.40 8.00 3.62
3 3 15.50 4.90 5.95
4 3 13.70 10.50 4.02
5 3 25.60 29.70 3.54
6 3 7.30 5.50 3.90
7 3 8.80 7.40 4.26
8 3 10.40 12.80 6.62
6.3.6 Multi-Span Simply Supported Steel Girder Bridge
The eight bridge samples, derived from the inventory information in Chapter 4 and used
throughout this study for the MSSS Steel girder bridge class, are given in Table 6-17. The
span lengths range from very short at 7.3 m long to relatively long at 25.6 m. The deck
widths vary from 4.9 m up to 29.7 m. Although 29.7 m is the widest bridge sample, the
next closest one is 12.8 m wide. This will help to draw out the influences that deck width
exerts on the response of these bridge types. The column heights are between 3.5 m and
6.0 m.
Some of the modeling parameters which are used in the concrete type bridges are also
used in the steel bridge types (e.g. concrete strength, steel strength, abutment stiffn sses and
foundation stiffnesses). The difference between the two general types of bridges lie in the
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modeling parameters of the bearings. As discussed in Chapter C, these steel-type bridges
typically use steel bearings. Each bearing type, both fixed and expansion, is governed by a
coefficient of friction. The initial stiffness of the fixed bearings is also considered giving a
total of 14 parameters.
The abutment and hinge gaps vary more for the steel bridges than they do for the con-
crete bridges. This is due to the difference between the coefficients of thermal expansion
for the two materials, steel and concrete. For this screening study, the gap between the
decks and abutments is between 28 mm and 48 mm. The gaps between just the decks are
between 18 mm and 33 mm.
The p-values, for the hypothesis tests associated with the ANOVA for the component
responses of this steel bridge type, are given in Table 6-34 at end of chapter. It is interesting
to note that of the 14 parameters which were screened for this bridge type, only two were
not found to be significant for at least one of the component responses. The two parameters
not found significant are concrete strength and friction of the expansion bearings. The
remainder of the parameters are labeled as significant and listed in Table 6-19.
Damping ratio and loading direction appear to be the most significant of the modeling
parameters yet the fixed bearing stiffness also plays a significant role. In this bridge type, it
is also informative to note that the abutment modeling parameters are significant for mostly
the abutment responses and the bearing modeling parameters are mostly significant for
the response of the bearings. This could be indicative of a lessened degree of component
interaction, as compared with previously discussed bridge types.
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Table 6-18: Parameters Considered in the Screening of MSSS Steel Girder Bridge.
Parameter Description Abbreviation Lower Upper Units
No. Level Level
1 Concrete strength Conc Str 26.4 40.6 MPa
2 Steel strength Steel Str 438 555 MPa
3 Coefficient of friction for
steel expansion bearing
Exp Frict 50 150 %
4 Coefficient of friction for
steel fixed bearing
Fxd Frict 50 150 %
5 Initial stiffness of steel
fixed bearing
Fxd Stiff 80 120 %
6 Initial stiffness of passive
abutment
Ab-Pas Stf 50 150 %
7 Initial Stiffness of active
abutment
Ab-Act Stf 50 150 %
8 Rotational stiffness of
foundations
Fnd-Rot Stf 50 150 %
9 Translational stiffness of
foundations
Fnd-Hor Stf 50 150 %
10 Mass Mass 90 110 %
11 Damping ratio Damp Ratio 0.02 0.08 ratio
12 Gap between abutments
and decks
Abut Gap 28 48 mm
13 Gap between adjacent
decks
Hinge Gap 18 33 mm
14 Loading direction (Long
or Trans)
Load Dir L T
Table 6-19: Significant Parameters for MSSS Steel Girder Bridge.
Significant Parameters
Steel Str Fxd Frict Fxd Stiff
Ab-Pas Stf Ab-Act Stf Fnd-Rot Stf
Fnd-Hor Stf Mass Damp Ratio
Abut Gap Hinge Gap Load Dir
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Table 6-20: Geometric Bridge Samples of MSC Steel Girder Bridge.
Bridge Spans Span Length Deck Width Column Height
No. (m) (m) (m)
1 3 13.40 13.00 3.72
2 3 39.00 12.90 3.49
3 3 25.10 10.20 3.93
4 3 29.90 14.50 5.42
5 3 18.20 20.10 4.20
6 3 19.80 5.50 5.76
7 3 22.30 10.30 4.08
8 3 40.80 7.90 6.74
6.3.7 Multi-Span Continuous Steel Girder Bridge
The bridge samples for the MSC Steel girder bridge are given in Table 6-20 which show
the span lengths to range between 13.4 m and 40.8 m. These span lengths are considerably
longer than those used in the MSSS Steel girder bridge. Once again this is due to continuous
girders being capable of longer spans. The deck widths vary from 5.5 m to 20.1 m while
the column heights range from 3.5 m to 6.7 m.
The modeling parameters for the MSC Steel girder bridge, given in Table 6-21, are the
same as those for the MSSS Steel girder bridge except for the elimination of the hinge gaps,
giving a total of 13 screened parameters. The sizes of the abutment gaps are also different,
with an average opening of 76 mm wide for this bridge type. Appropriate lower and upper
levels for the value of this parameter are 37 mm and 116 mm respectively.
The p-values, as calculated in ANOVA, for the MSC Steel girder bridge components are
given in Table 6-35 at end of chapter. Unlike its simply supported counter part, this bridge
type does not see so many significant parameters. Of the seven significant parameters
listed in Table 6-22, it appears that loading direction and abutment gap size are the most
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Table 6-21: Parameters Considered in the Screening of MSC Steel Girder Bridge.
Parameter Description Abbreviation Lower Upper Units
No. Level Level
1 Concrete strength Conc Str 26.4 40.6 MPa
2 Steel strength Steel Str 438 555 MPa
3 Coefficient of friction for
steel expansion bearing
Exp Frict 50 150 %
4 Coefficient of friction for
steel fixed bearing
Fxd Frict 50 150 %
5 Initial stiffness of steel
fixed bearing
Fxd Stiff 80 120 %
6 Initial stiffness of passive
abutment
Ab-Pas Stf 50 150 %
7 Initial Stiffness of active
abutment
Ab-Act Stf 50 150 %
8 Rotational stiffness of
foundations
Fnd-Rot Stf 50 150 %
9 Translational stiffness of
foundations
Fnd-Hor Stf 50 150 %
10 Mass Mass 90 110 %
11 Damping ratio Damp Ratio 0.02 0.08 ratio
12 Gap between abutments
and decks
Abut Gap 37 116 mm
13 Loading direction (Long
or Trans)
Load Dir L T
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Table 6-22: Significant Parameters for MSC Steel Girder Bridge.
Significant Parameters
Fxd Frict Fxd Stiff Ab-Act Stf
Mass Damp Ratio Abut Gap
Load Dir
Table 6-23: Geometric Bridge Samples of SS Concrete Girder Bridge.










important. Significance of the abutment gaps once again is indicative of pounding in the
bridge model. This pounding at the abutments can cause an increased demand on the steel
bearings, thus explaining the significance that abutment gaps have in determining bearing
responses.
6.3.8 Single Span Concrete Girder Bridge
Eight statistical samples of the SS Concrete girder bridge are presented in Table 6-23. The
span lengths of these bridge samples range between 7.9 m and 23.2 m, but the majority
of the samples are in the 10 - 18 m range. The variation in the deck widths is much less
extreme with a range of 6.2 m to 13.2 m. What this indicates is that the large majority of
single span concrete girder bridges are composed of just two lanes.
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Table 6-24: Parameters Considered in the Screening of SS Concrete Girder Bridge.
Parameter Description Abbreviation Lower Upper Units
No. Level Level
1 Coefficient of friction for
elastomeric pads
Pad Frict 50 150 %
2 Initial stiffness of elas-
tomeric pads
Pad Stiff 50 150 %
3 Dowel strength Dowel Str 80 120 %
4 Gap at dowels for expan-
sion bearing only
Dowel Gap 0 50.8 mm
5 Initial stiffness of passive
abutment
Ab-Pas Stf 50 150 %
6 Initial Stiffness of active
abutment
Ab-Act Stf 50 150 %
7 Mass Mass 90 110 %
8 Damping ratio Damp Ratio 0.02 0.08 ratio
9 Gap between abutments
and decks
Abut Gap 97 107 mm
10 Loading direction (Long
or Trans)
Load Dir L T
Eliminating columns and foundations from the concrete type bridges reduces the total
number of parameters to be considered down to 10, as seen in Table 6-24. It should be
pointed out that the parameter levels for this bridge type are the same as those for both the
MSSS Concrete and MSC Concrete bridges. The only difference is found at the abutment
gaps. With an average gap size of 101 mm, the lower and upper levels are assigned as 97
mm and 107 mm respectively.
Table 6-36, at the end of the chapter, presents the p-values from the ANOVA of SS
Concrete girder bridge component responses. The significant parameters for this bridge
type are subsequently listed in Table 6-25. The active responses of the abutments appear
to be influenced by the largest number of parameters, which is five. These include dowel
gap, active stiffness, damping ratio, abutment gap and loading direction. The transverse
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Table 6-25: Significant Parameters for SS Concrete Girder Bridge.
Significant Parameters
Pad Frict Dowel Str Dowel Gap
Ab-Pas Stf Ab-Act Stf Damp Ratio
Abut Gap Load Dir
Table 6-26: Geometric Bridge Samples of SS Steel Girder Bridge.










response of both the fixed and expansion bearings have more-or-less the same sensitivities.
This is to be expected in that the models of both bearing types are identical in the transverse
direction. This finding lends strength to the capabilities of the screening tool used in this
study.
6.3.9 Single Span Steel Girder Bridge
The bridge samples used in this study for the single span steel girder bridges are given
in Table 6-26. The span lengths for this bridge type, which range from 6.6 m to 39.9 m,
are consistently longer that those for the single span concrete bridges. This phenomenon
highlights the superior strength to weight ratio of steel girders as compared to concrete
girders. The deck widths for this bridge type are relatively narrow ranging from 3.7 m to
11.9 m indicating the substantial presence of one and two lane bridges.
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Table 6-27: Parameters Considered in the Screening of SS Steel Girder Bridge.
Parameter Description Abbreviation Lower Upper Units
No. Level Level
1 Coefficient of friction for
steel expansion bearing
Exp Frict 50 150 %
2 Coefficient of friction for
steel fixed bearing
Fxd Frict 50 150 %
3 Initial stiffness of steel
fixed bearing
Fxd Stiff 80 120 %
4 Initial stiffness of passive
abutment
Ab-Pas Stf 50 150 %
5 Initial Stiffness of active
abutment
Ab-Act Stf 50 150 %
6 Mass Mass 90 110 %
7 Damping ratio Damp Ratio 0.02 0.08 ratio
8 Gap between abutments
and decks
Abut Gap 97 106 mm
9 Loading direction (Long
or Trans)
Load Dir L T
Table 6-27 lists the parameters and their associated levels as used for this bridge type in
this study. Overall, nine parameters are considered, which also coincide with those listed
for the MSC Steel bridge in Table 6-21. Parameters one through eight have levels identical
to the previous bridges, most of which are relative in nature. The abutment gap has a lower
level of 97 mm and and upper level of 106 mm.
Using the p-values calculated from the ANOVA of the SS Steel bridge component re-
sponses and given in Table 6-37 at the end of chapter, five parameters are deemed signifi-
cant. A list of these parameters is given in Table 6-28. The friction of both the expansion
and fixed bearings appear to be significant. This may be a direct result of the type of bear-
ing which is used in this type of bridge. The steel bearings are the low-type, giving them a
much larger stiffness than their high-type counterparts. Thus, a more significant portion of
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Table 6-28: Significant Parameters for SS Steel Girder Bridge.
Significant Parameters
Exp Frict Fxd Frict Ab-Pas Stf
Ab-Act Stf Load Dir
the movement in these bearings results from sliding and thus explains the significance of
friction.
6.4 Closure
The purpose of this chapter is to explore the impact that various modeling parameters have
upon the responses of the bridge types being considered in this study. Results from these
screening studies are useful in identifying modeling parameters which should be treated in a
probabilistic manner as opposed to a deterministic approach. This also helps to give a more
clear understanding of the parameters which require the most rigor during analytical model
development. A design-of-experiments screening study, which is a statistical approach, is
used to explore the variation in eight specific component responses as a result of change in
various modeling parameter values.
The results of this study may be more straight forward if only one bridge response
was to be monitored, such as the ductility demand on the concrete columns. However, the
parameters which are significant for each bridge tend to vary from component to compo-
nent. Table 6-29 lists the three most significant modeling parameters for each bridge type.
The parameters are listed in order of significance, where ranking is determined from the
number of response measures for which it is significant. Since the blocking and loading
direction are significant for almost all bridge components, these are dropped from the table
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to allow for presentation of the next three significant parameters. As seen in Table 6-29,
each bridge has different significant modeling parameters. However, the active abutment
stiffness, bearing friction and bearing stiffness appears to be the most prevalent of the sig-
nificant parameters across all bridge types.
As previously alluded to, it is very feasible that almost all modeling parameters for
a given bridge are deemed significant, as is the case with the MSSS Steel girder bridge.
When one acknowledges that nine bridge classes are considered, each with eight responses,
there is no surprise that each modeling parameter is significant in at least one instance.
This, therefore, requires probability distributions to be defined for all of these parameters.
Consequently, for the probabilistic seismic demand simulations conducted in Chapter 7,
all parameters are treated as random variables even though the need may not always be
present.
Although the specific findings from this chapter are not used explicitly in this study,
they do make some important contributions to the earthquake engineering community. An-
alytical bridge models are often used to assist in developing design procedures, retrofit
strategies and in making other seismic mitigation decisions. The results of this study help
to clarify the significance and thus the emphasis that should be placed on some of the bridge
modeling parameters. In general, as seen in Table 6-29, the abutment models and the bear-
ing models appear to be the most significant parameters (excluding geometric parameters)
in determining the seismic response of a bridge. Therefore, additional experimental studies
may be warranted to facilitate the development more accurate models of these components.
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Table 6-29: Summary of Most Significant Modeling Parameters for Each Bridge Class.
Bridge Description Parameter 1 Parameter 2 Parameter 3
MSC Concrete Act - Abut Stiff Abutment Gap Dowel Strength
MSC Slab Act - Abut Stiff Brg Pad Friction Dowel Strength
MSC Steel Abutment Gap Act - Abut Stiff Fxd Brg Stiff
MSSS Concrete Act - Abut Stiff Brg Pad Friction Fnd Rot Stiff
MSSS Concrete-Box Act - Abut Stiff Dowel Strength Brg Pad Stiff
MSSS Slab Act - Abut Stiff Brg Pad Friction Abutment Gap
MSSS Steel Damping Ratio Fxd Brg Stiff Act - Abut Stiff
SS Concrete Pass - Abut Stiff Brg Pad Friction Act - Abut Stiff


























































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































































PROBABILISTIC SEISMIC DEMAND ANALYSES
7.1 Introduction
In the framework of the risk and loss assessment of highway networks, as presented in
Chapter 2, quantifying the seismic demand placed on bridges is an essential component.
This is best illustrated by looking at the overall formulation of seismic loss estimation as
it exists in a probabilistic setting. This loss estimation is described most concisely through








P[Loss|D = d] ·P[D = d|LS] ·P[LS|IM = s] ·P[IM = s] (7.1)
where IM is an appropriate intensity measure which is chosen to represent the seismic
hazard (e.g. peak ground acceleration, spectral acceleration) ands is the realization of that
intensity measure. The termLS is some specified structural limit state, sometimes called
engineering demand parameter (EDP), which is a measure of the structural response (e.g.
deformation, ductility). The termsD andd are the damage state and the realization of the
damage state, respectively. These are often given in qualitative terms which give some
indication of functionality level (e.g. slight, moderate, extensive, complete). And finally,
Loss is some metric, appropriately defined, to capture the overall impact of the seismic
hazard (e.g. Life loss, monetary losses). Although other forms of the loss equation are
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given (Porter, 2003), they all accomplish essentially the same thing which is to convolve
hazards, damage and functionality into some description of loss.
The quantification of seismic demand is represented in Equation 7.1 by the conditional
probability,P[LS|IM = s]. This conditional probability, explicitly stated, is the probability
of meeting or exceeding a specified level of damage,LS, given a ground motion which has
a certain level of intensity,s. This conditional probability is often assumed to follow a two
parameter lognormal probability distribution (Cornell et al., 2002; Song and Ellingwood,
1999). In addition to this probability law representing well the seismic demand, it also
tends to simplify the mathematics required to manipulate it.
7.1.1 Probabilistic Seismic Demand Models
When using analytical procedures, particularly nonlinear time history analyses, the seis-
mic demand is described through probabilistic seismic demand models (PSDMs) which
are given in terms of an appropriate intensity measure. In addition to the lognormal as-
sumption, it has been suggested by Cornell et al. (2002) that the estimate of the median
demand ( ˆEDP) can be represented by a power model as given in Equation 7.2.
ˆEDP = aIMb (7.2)
whereIM is the seismic intensity measure of choice and botha andb are regression coef-
ficients. After estimating the dispersion (βEDP|IM ), which is conditional upon the intensity
measure, the PSDM can be written as in Equation 7.3.









The generation of PSDMs in this study follows the procedure as outlined in Figure 2-8
of Chapter 2. As a recap, the basic procedure is as follows:
1. Assemble a suite ofN ground motions which are applicable to the area of interest.
This suite should represent a broad range of values for the chosen intensity measure.
2. GenerateN statistical samples of the subject structure. These samples should be
generated by sampling on various modeling parameters which may be deemed sig-
nificant (e.g. damping ratio, material strength). Thus,N statistically significant yet
nominally identical bridge samples are made.
3. Perform a full nonlinear time history analysis for each ground motion-bridge pair.
Key responses should be monitored throughout the analysis.
4. For each analysis, peak responses are recorded and plotted versus the value of the
intensity measure for that ground motion. A regression of this data is then used to
estimatea, b andβEDP|IM .
The actual regression used to estimate the parametersa and b from Equation 7.2 is
more easily facilitated in a transformed space. The transformation is simply performed by
taking the natural logarithm of both sides of Equation 7.2 which results in the linear form
of Equation 7.4.
ln (EDP) = ln (a) + b · ln (IM) (7.4)
Figure 7-1 illustrates the nature of the regression in the transformed space. As men-
tioned previously, the variation about the median in the transformed space is assumed to
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be lognormal. Therefore, in the transformed space, this variation should be normal as is
indicated in Figure 7-1. Furthermore, the variation measured about the mean (ln (ˆEDP))
which is noted asσ in Figure 7-1, is an estimate of the conditional lognormal standard de-
viation (dispersion)βEDP|IM . It should be noted, that some researchers have investigated the
use of a bilinear regression in the transformed space as opposed to the linear form given in
Equation 7.4. Their conclusion, however, was that given the range over which this relation
is assumed to be valid, the benefit from a bilinear model was marginal and did not justify







ln(EDP) = ln(a)+ b*ln(IM)
ss
Figure 7-1: Illustration of PSDM in Transformed State.
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7.1.2 Selection of Appropriate Intensity Measure
A question that often arises when attempting to predict structural demand as a function of
intensity measure, is which intensity measure should be used? The Applied Technology
Council, in their work on bridges, chose to use the Modified Mercalli Intensity Scale as
the descriptive intensity measure (ATC, 1985). This information was later modified such
that it was expressed using one of two intensity measures for use in FEMA’s loss assess-
ment program HAZUS (FEMA, 1997). The specific intensity measures used were peak
ground acceleration (PGA) and permanent ground deformation (PGD). The latest version
of HAZUS has switched to the use of spectral acceleration at a period of one second (Sa 1s)
and PGD.
It is clear that there may not be a single intensity measure which is appropriate for
all cases. In an attempt to address this issue Mackie and Stojadinovic (2003) identified 23
intensity measures that could be used for PSDMs of highway bridges. They pointed out that
for a parameter to be optimal it should be efficient. Efficiency is measured by the standard
deviation of the logarithm of the demand model, which is the amount of variability in the
demand parameter for a given intensity measure. In their study, Mackie and Stojadinovic
(2003) found that those intensity parameters which are spectral quantities, based on the
fundamental period of the bridge, tend to be the most effici nt (e.g spectral acceleration,
Sa, spectral displacement,Sd).
There is a recognition, however, that it is often impractical to use a structurally based
intensity measure for portfolios of bridges or buildings. This is believed to be the motiva-
tion for HAZUS-MH using the spectral acceleration at one second (Sa 1s) as the chosen
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intensity measure. There has also been a recognition that efficiency may be improved if
more than one intensity measure is used (Baker and Cornell, 2005b). In the current study,
four different intensity measures are considered, which are shown in Table 7-1. An ex-
plicit consideration of the efficiency of each of these intensity measures is given later in
this chapter.
The geometric mean of the periods is calculated asTgm =
√
Tlong1 · Ttran1, whereTlong1
andTtran1 are the fundamental periods in the longitudinal and transverse directions respec-
tively. This follows the recommendations of Baker and Cornell (2005c). Because the
ground motions, used in this analysis, are given in two orthogonal components, the ac-
celeration values used, are computed as the geometric mean of the acceleration of each
component at the period of interest (Sa =
√
Sax · Say).
Table 7-1: Intensity Measures Considered in This Study.
Intensity Measure Description
PGA Peak ground acceleration
Sa−02s Spectral acceleration at 0.2 sec
Sa−1s Spectral acceleration at 1.0 sec
Sa−gm Spectral acceleration at geometric mean of
the fundamental periods of both longitudinal
and transverse directions (Tgm)
7.1.3 Bridge Component Probabilistic Seismic Demand Models
Traditionally, when analytical fragility curves have been developed for highway bridges,
one primary bridge component has been considered to be indicative of the overall fragility
of the bridge. The bridge component of choice for fragility definition has primarily been the
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bridge columns (Hwang et al., 2000; Karim and Yamazaki, 2001; Mackie and Stojadinovic,
2001; Nateghi and Shahsavar, 2004). Although this may be an appropriate assumption for
certain bridge types, it has been shown that, for bridges typical to the CSUS, additional
bridge components should be considered.
In a study of bridges typical to the CSUS, Nielson and DesRoches (2004) illustrated
that there are significant differences between bridge column fragilities and bridge system
fragilities. They found that the error of this assumption could be as large as 100 percent.
A recognition of this error resulted in Choi et al. (2004) considering bearings, in addition
to the columns, for their bridge fragility assessments. Following this pattern, the work in
this study considers several of the seismically vulnerable bridge components, namely the
columns, fixed bearings, expansion bearings and abutments. Therefore, the probabilistic
seismic demands must be estimated for each of these bridge components which is further
discussed in the next section.
7.2 Probabilistic Seismic Demand Models for 3-D Systems
The probabilistic seismic demand models (PSDMs) for bridge components are essential for
generating fragility curves for the individual components. The component fragility curves
are useful in identifying the most vulnerable components and in making retrofit decisions.
However, system (bridge) fragility curves are essential for use in seismic risk assessment
platforms. If component fragility curves are already available then the system wide fragility
curves can be developed directly from them.
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7.2.1 Joint PSDMs
For the methodology used in this study to generate system fragility curves, it is essential
to first obtain a system wide probabilistic seismic demand model. This is accomplished
by combining the component PSDMs into a system PSDM that takes the form of a joint
probability distribution. Recognizing that each of the PSDMs for the bridge components
are assumed to be lognormally distributed, the assemblage of the bridge wide JPSDM is a
straight forward process.
Consider thatX = (X1, . . . ,Xn) is a random vector representing the demands placed
on n bridge components whose marginal distributions are lognormally distributed. Us-
ing the transformationYi = ln(Xi), the random vectorY = (Y1, . . . ,Yn) is then normally
distributed. If a joint probability distribution is jointly normal then the only pieces of infor-
mation needed to fully describe it are the vector of meansµy and the covariance matrixΣy.
Therefore, the JPSDMs used in this study are developed in this transformed space.
The covariance matrixΣy can be derived directly from the individualxi values. Per-
forming the recommended change of variables,yi = ln(xi), helps to simplify the procedure.
The correlation coefficients are calculated by comparingyi values instead of thexi values.
Thus, the correlation matrices which are presented herein, are really the correlation between




2 is estimated bys2 = 1n−1
∑n
i=1(ln(xi) − ln(x))2. Now all required operations on the joint
probability density function can be done with a jointly normal PDF. One needs to take care
however, that actual realizations of the JPDF are transformed back to the original coordi-
nate system,xi = exp(yi).
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7.2.2 Correlation Dependency on Intensity Level
In this study, 48 different ground motions with differing intensity measures are used for
identification of each PSDM. Therefore, the correlation coeffici nts between responses are
calculated across a broad range of intensity measures. One concern however, is the the
correlation between responses may change as the intensity of the earthquake changes. An
investigation of this requires that a suite of ground motions be selected and scaled to a
specific intensity and the correlation between the responses be calculated. This should be
repeated for various intensity levels from which correlation trends may be monitored.
A simple investigation of this correlation dependency is carried out for the MSSS Steel
girder bridge. A suite of 30 synthetic ground motions is applied to the subject bridge
with the bridge component responses being monitored. The ground motions are scaled to
specific spectral accelerations{0.2, 0.4, 0.6, 0.8, 1.0, 1.5, 2.0 g} at the fundamental period
of the bridge. This results in 30 component responses at each level of spectral acceleration.
For illustration purposes, three component responses and their correlations are monitored
– fixed bearings (fx), expansion bearings (ex) and columns (col). Figure 7-2 shows the
correlations between these three components and how they change with respect to intensity
level. The correlation between the expansion bearing and column responses,ρex−col, is
quite high with values over 0.97 across the entire range of acceleration values, resulting in
very little fluctuation. The other two correlation coefficients,ρ f x−col andρ f x−ex, vary a little
more across the acceleration values, showing a general convex-up trend. The trend does
not appear to be significant and could partially be attributed to sampling error. Therefore,
in this study, constant correlation coefficients across the entire range of intensity levels are
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assumed. This assumption significantly reduces the amount of work involved and is not
believed to be a major source of error.




















Figure 7-2: Correlation Dependency on Spectral Acceleration.
7.3 Uncertainty in Modeling Parameters
Uncertainty in the seismic demand placed on highway bridges can be classified into two
main categories, specifically aleatoric and epistemic. Aleatoric uncertainty is associated
with inherent randomness in the system or process and therefore can only be managed
and not reduced. Epistemic uncertainty, which is associated with a lack of knowledge, ig-
norance or course modeling, can generally be reduced with the acquisition of additional
information and understanding (Ellingwood and Wen, 2005). It is not always easy to sepa-
rate out the different sources of uncertainty in a given problem. Traditionally, randomness
in seismic ground motions is considered to be aleatoric in nature, however when dealing
with synthetic ground motions, the uncertainty built into these ground motions can not
only be attributed to seismological mechanisms but also path and site characteristics. More
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knowledge pertaining to attenuation relationships and soil effects can reduce some of this
uncertainty, thereby alluding to its epistemic nature.
In this study, both the epistemic and aleatoric uncertainties in the seismic loading are
considered compositely. This is accomplished through the use of the synthetic ground
motion suites presented in Chapter 3. Uncertainty modeling in the structural modeling
parameters, discussed in Chapter 6, are addressed specifically in this section.
7.3.1 Material Uncertainties
7.3.1.1 Steel
Concrete and reinforcing steel are a typical materials in the existing bridge structures. They
are used in many locations, including the abutments, foundations, decks and bents. In this
study, uncertainties in the concrete and reinforcing steel used in the bents are considered
explicitly, despite the results in Chapter 6 showing the bridges are not particularly sensitive
to them. This is done because they are not difficult to incorporate and they do significantly
affect a few of the responses. In a study by Ellingwood and Hwang (1985), they found
that the strength of steel for grade 413 (60) reinforcing bars tends to follow a right skewed
distribution for which a lognormal distribution is chosen. They found that bars of size
10 to 36 – common sizes in existing bridges – have a mean strength of 463 MPa and a
coefficient of variation (COV) of 0.08. Following these findings a two parameter lognormal
distribution with parameter valuesλ = 6.13 andζ = 0.08 is used to model the distribution
of steel in this study.
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7.3.1.2 Concrete
The cast-in-place concrete used in these bridge types typically has a design strength,f ′c , of
20.7 MPa at 28 days. Following the assumptions in the study by Choi (2002) the strength
of the aged concrete is normally distributed with a mean strength,µ, of 33.8 MPa and a
standard deviation,σ, of 4.3 MPa.
7.3.2 Bridge Bearing Uncertainties
As shown in Chapter 6, there are a number of different bearing parameters which affect the
responses of the various bridges. These parameters include bearing stiff es , coefficient
of friction, dowel strength (concrete bridges only) and dowel gap (concrete bridges only).
The following gives a description of the uncertainty models used for these parameters.
7.3.2.1 Steel Bearing Stiffness
There is not adequate information available pertaining to the variability in the stiffnesses
of the steel bearings. However, it is recognized that there are any number of different steel
type bearings such as high-type fixed or bolster-type. When sufficient information on prob-
ability distributions is not available, it is acceptable to assume a uniform distribution with
reasonable upper and lower limits to roughly account for uncertainty. Thus, an approxima-
tion of the uncertainty in the steel bearing stiffnesses is achieved through the assumption
that they are uniformly distributed between 50% and 150% of the published stiffne s values
provided by Mander et al. (1996).
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7.3.2.2 Elastomeric Bearing Stiffness
As previously presented in Equation C.1, the stiffness of elastomeric bearings is a function
of the rubber’s shear modulus,G. As is the case with the steel bearings, information is
not readily available pertaining to the variation of the shear modulus for the elastomeric
bearings. Therefore, the assumption of uniform distribution is once again used. The
AASHTO LRFD Design Specifications indicates that the shear modulus of this bearing
material ranges between 0.66 MPa and 2.07 MPa (AASHTO, 1998). Thus these are the
uniform distribution parameter values used for this material.
7.3.2.3 Coefficient of Friction for Bearings
One of the key parameters for defining the analytical models for both steel and elastomeric
bearings is the coefficient of friction (COF) between the bearings and the concrete bent
beam. Using the work by Mander et al. (1996), Dutta (1999) proposed that the COF for the
steel bearings could be modeled as lognormal random variables where the median values
are given by Mander’s models and the lognormal standard deviation,ζ, can be conserva-
tively assumed at 0.5. Furthermore, he proposed that the COF for elastomeric pads also
follows a lognormal distribution where the median value is calculated as in Equation C.2
and the lognormal standard deviation is 0.1. A concise presentation of these probability
models is presented in Table 7-2.
7.3.2.4 Dowel Strength and Gap
It is reasonable to assume that the overall dowel strength is directly related to the steel
strength. Therefore it is assumed that like the steel strength, the dowel strength also fol-
lows a lognormal distribution with the same coefficient of variation (COV) of 0.08. Since
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Table 7-2: Probability Distributions for Bearing Coefficients of Friction.
Coefficient of Friction – Probability Models
Bearing Type Model Type Median λ ζ
Fixed steel high-type – longitudinal lognormal 0.21 -1.56 0.5
Fixed steel high-type – transverse lognormal 0.37 -0.99 0.5
Rocker steel high-type – longitudinal lognormal 0.04 -3.22 0.5
Rocker steel high-type – transverse lognormal 0.1 -2.30 0.5
Fixed steel low-type – longitudinal lognormal 0.2 -1.61 0.5
Fixed steel low-type – transverse lognormal 0.35 -1.05 0.5
Sliding steel low-type – longitudinal lognormal 0.37 -0.99 0.5
Sliding steel low-type – transverse lognormal 0.37 -0.99 0.5
Elastomeric lognormal equation C.2ln(median) 0.1
the median strength for each dowel, as previously presented, is given as 58 kN then the
lognormal parameter,λ, for a composite of two dowels is equal to 4.75.
The gap between the dowel and the slotted girder is assumed to be uniformly dis-
tributed. The parameter values are based on the typical length of the slots which are placed
in the bottom of the concrete girders and are calculated to be 0 mm and 50.8 mm.
7.3.3 Uncertainty in Abutment and Foundation Stiffnesses
7.3.3.1 Passive Stiffness of Abutments
Caltrans proposed that the likely range of the passive stiffness of bridge abutments is be-
tween 11.5 kN/mm/m and 28.8 kN/mm/m (Caltrans, 1999). It is therefore, assumed as part
of this study that the abutment stiffness follows a uniform distribution with these bounds.
7.3.3.2 Active Stiffness of Abutments
As presented in Chapter 6, the active action of the abutments is defined by the stiffn s of
the piles from which they are built. The assumed stiffness of piles in this study follows the
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recommendation of Caltrans giving an initial stiffness of 7 kN/mm/pile. A reasonable as-
sumption which incorporates uncertainty into the value is to assume a uniform distribution
with bounds which are 50% and 150% of this recommended value. Thus, the uniformly
distributed pile stiffness has bounds of 3.5 kN/mm/pile and 10.5 kN/mm/pile.
7.3.3.3 Translational Foundation Stiffness
The translational stiffness of the column foundations is linearly related to the lateral stiff-
ness of the piles. Therefore, following the uniform distribution assumption given for the
piles, the bounds on foundation stiffness for the non-slab multi-span bridges are given as
28 kN/mm and 84 kN/mm. These bounds are different for the slab type bridges because
their foundations use fewer piles, thus being 21 kN/mm and 63 kN/mm.
7.3.3.4 Rotational Foundation Stiffness
The rotational stiffness of the foundations is calculated directly from the vertical stiffness of
the individual piles. The assumption, as proposed by Choi (2002) and used in this study, is
that the expected value for the vertical stiffness of each pile is 175 kN/mm. Once again the
distribution is assumed to be uniform with bounds being 50% and 150% of the suggested
value. This gives each individual pile a vertical stiffness range of 87.5 kN/mm and 262.5
kN/mm.
7.3.4 Uncertainty in Assorted Modeling Parameters
7.3.4.1 Mass
The variation in the mass of the bridge is assumed to come solely from incidental sources.
This is to say, that mass changes due to factors such as span length and column height are
treated explicitly elsewhere and are not included here. The sources of variation in the mass
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comes from sources such as variable slab thickness, re-pavement procedures and material
densities. Therefore it is assumed that the variation in the mass can be accounted for with
a uniform distribution which has bounds of 90% and 110% of the mass of the standard
bridges. Specific values for the mass bounds are not presented here since mass is different
for each bridge type.
7.3.4.2 Damping Ratio
The uncertainty in the damping ratio is modeled using a normal distribution. In a study
performed by Fang et al. (1999) on tall buildings, they found that the damping in the struc-
tures followed closely a normal distribution, which assumption is extended to this study.
The parameters for this distribution are calculated considering the typical range of damping
ratios for bridges – 0.02 to 0.07 (Bavirisetty et al., 2000) – represents the 2nd p rcentile and
the 98th percentile. This gives a mean damping ratio of 0.045 and a standard deviation of
0.0125.
7.3.4.3 Internal Hinge Gaps
Following the study by Choi (2002), the internal hinges of the multi-span simply supported
bridges are assumed to be normally distributed. The mean values are taken as the gap size
of the typical as-built bridges, which is 25.4 mm. The standard deviation is calculated by
considering the effects of thermal expansion, giving a value of 4.32 mm for the steel bridges
and 3.30 mm for the concrete, box and slab bridges.
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7.3.4.4 Abutment - Deck Gaps
As with the internal gaps, the deck-abut gaps are assumed to be normally distributed. Taken
from Choi’s study (Choi, 2002), the mean and standard deviation for the multi-span simply
supported steel bridges is 38.1 mm and 5.84 mm respectively. The MSSS concrete, box and
slab bridges have the same mean value of 38.1 mm but have a standard deviation of 1.09
mm. The continuous steel bridges have a mean gap of 76.2 mm with a standard deviation
of 24.1 mm while the concrete and slab bridges have a smaller gaps with a mean of 38.1
mm and a standard deviation of 4.32 mm. The mean gap size for the single span bridges
is 101.6 mm where the steel bridge has a standard deviation of 4.19 mm and the concrete
bridge has a standard deviation of 3.05 mm.
7.3.4.5 Loading Direction
The direction from which the main component of an earthquake strikes a bridge is believed
to be significant in determining the response of that bridge. It is recognized that this is
a major source of uncertainty in the bridge response. One may legitimately argue, for a
bridge in a particular location with a prescribed orientation, that there would be a definite
bias in the incident angle of the seismic load. In this study, suites of bridges in many
different locations and with many different orientations are being considered. Therefore,
for any given suite there is no bias on a particular loading direction. For this reason, it is
assumed in this study that the loading direction is a random variable,α, and is uniformly
distributed from 0 to 2π radians as measured from the longitudinal axis (refer to Figure







Figure 7-3: Angle of Seismic Loading.
longitudinal axis. The actual impact of this uncertainty is explicitly addressed in Chapter
8.
7.4 PSDMs for Highway Bridges
Probabilistic seismic demand models are generated using the two different suites of 48
ground motions discussed in Chapter 3. The seismic demand model equations are presented
in tabular form for the transformed state space. The correlation matrix is also given in
tabular format for the transformed state space. As mentioned previously, dealing in the
transformed state space simplifies the manipulation of the JPDF.
Because of the very nature of the model formats, specific discussion of the seismic
demand models is difficult. Comparisons between bridge types and ground motions suites
are best performed using fragility curves. Therefore, in the following sections, the models
are presented without an associated discussion.
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7.4.1 Multi-Span Continuous Concrete Girder Bridge
As previously stated, 48 bridge models for the MSC Concrete bridge are subjected to two
suites of ground motions. These samples of bridge models are representative of the inven-
tory for this particular bridge type. Furthermore, these bridge models are identical for both
suites of ground motions. This allows for the comparison of ground motion suites without
the added error due to the sampling of structural parameters.
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7.4.1.1 Rix and Fernandez-Leon Ground Motions
Table 7-3: PSDMs for MSC Concrete Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.157∗ ln(PGA) + 1.039 0.76 0.57 1.173∗ ln(Sa) + 0.240 0.83 0.48
ln( f xL) 1.076∗ ln(PGA) + 4.677 0.67 0.67 1.076∗ ln(Sa) + 3.877 0.69 0.65
ln( f xT) 0.577∗ ln(PGA) + 2.703 0.35 0.69 0.641∗ ln(Sa) + 2.370 0.45 0.63
ln(exL) 0.945∗ ln(PGA) + 4.612 0.76 0.47 0.924∗ ln(Sa) + 3.879 0.74 0.50
ln(exT) 0.572∗ ln(PGA) + 2.689 0.35 0.67 0.635∗ ln(Sa) + 2.358 0.46 0.61
ln(abP) 1.230∗ ln(PGA) + 3.622 0.69 0.73 1.190∗ ln(Sa) + 2.662 0.66 0.77
ln(abA) 0.437∗ ln(PGA) + 2.599 0.21 0.71 0.440∗ ln(Sa) + 2.295 0.23 0.71
ln(abT) 0.873∗ ln(PGA) + 2.789 0.61 0.61 0.880∗ ln(Sa) + 2.180 0.65 0.58
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.142∗ ln(Sa) + 0.329 0.72 0.58 0.780∗ ln(Sa) + 0.001 0.68 0.66
ln( f xL) 1.073∗ ln(Sa) + 4.025 0.57 0.77 0.683∗ ln(Sa) + 3.613 0.52 0.81
ln( f xT) 0.642∗ ln(Sa) + 2.454 0.38 0.67 0.361∗ ln(Sa) + 2.143 0.27 0.73
ln(exL) 0.927∗ ln(Sa) + 3.983 0.59 0.63 0.635∗ ln(Sa) + 3.726 0.64 0.59
ln(exT) 0.637∗ ln(Sa) + 2.443 0.39 0.65 0.358∗ ln(Sa) + 2.134 0.27 0.71
ln(abP) 1.246∗ ln(Sa) + 2.900 0.60 0.83 0.851∗ ln(Sa) + 2.547 0.64 0.78
ln(abA) 0.422∗ ln(Sa) + 2.337 0.17 0.73 0.325∗ ln(Sa) + 2.248 0.22 0.71
ln(abT) 0.884∗ ln(Sa) + 2.309 0.54 0.66 0.582∗ ln(Sa) + 1.996 0.53 0.67
Table 7-4: Correlation Matrix for MSC Concrete Bridge Component Responses (Rix).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.933 0.718 0.946 0.722 0.899 0.591 0.761
ln( f xL) 0.933 1.000 0.671 0.969 0.676 0.864 0.613 0.738
ln( f xT) 0.718 0.671 1.000 0.703 0.999 0.706 0.219 0.469
ln(exL) 0.946 0.969 0.703 1.000 0.705 0.910 0.653 0.717
ln(exT) 0.722 0.676 0.999 0.705 1.000 0.711 0.224 0.474
ln(abP) 0.899 0.864 0.706 0.910 0.711 1.000 0.573 0.639
ln(abA) 0.591 0.613 0.219 0.653 0.224 0.573 1.000 0.761
ln(abT) 0.761 0.738 0.469 0.717 0.474 0.639 0.761 1.000
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7.4.1.2 Wen and Wu Ground Motions
Table 7-5: PSDMs for MSC Concrete Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.324∗ ln(PGA) + 1.162 0.62 0.70 0.782∗ ln(Sa) + 0.470 0.76 0.57
ln( f xL) 1.281∗ ln(PGA) + 4.750 0.71 0.56 0.676∗ ln(Sa) + 3.962 0.72 0.55
ln( f xT) 0.828∗ ln(PGA) + 3.186 0.34 0.77 0.436∗ ln(Sa) + 2.699 0.34 0.77
ln(exL) 1.077∗ ln(PGA) + 4.478 0.64 0.56 0.621∗ ln(Sa) + 3.949 0.76 0.45
ln(exT) 0.815∗ ln(PGA) + 3.125 0.36 0.73 0.417∗ ln(Sa) + 2.576 0.41 0.63
ln(abP) 1.065∗ ln(PGA) + 2.829 0.42 0.86 0.617∗ ln(Sa) + 2.271 0.57 0.69
ln(abA) 0.637∗ ln(PGA) + 2.766 0.31 0.65 0.458∗ ln(Sa) + 2.577 0.46 0.65
ln(abT) 0.984∗ ln(PGA) + 3.040 0.48 0.70 0.571∗ ln(Sa) + 2.511 0.48 0.76
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.181∗ ln(Sa) + 0.274 0.90 0.37 0.697∗ ln(Sa) + 1.027 0.80 0.53
ln( f xL) 0.986∗ ln(Sa) + 3.721 0.86 0.38 0.600∗ ln(Sa) + 4.406 0.81 0.45
ln( f xT) 0.790∗ ln(Sa) + 2.734 0.59 0.61 0.388∗ ln(Sa) + 2.988 0.39 0.74
ln(exL) 0.863∗ ln(Sa) + 3.677 0.84 0.35 0.549∗ ln(Sa) + 4.371 0.85 0.36
ln(exT) 0.763∗ ln(Sa) + 2.664 0.60 0.57 0.400∗ ln(Sa) + 2.984 0.45 0.67
ln(abP) 0.811∗ ln(Sa) + 1.971 0.53 0.72 0.550∗ ln(Sa) + 2.725 0.58 0.73
ln(abA) 0.589∗ ln(Sa) + 2.382 0.48 0.56 0.333∗ ln(Sa) + 2.705 0.42 0.59
ln(abT) 0.921∗ ln(Sa) + 2.425 0.67 0.61 0.484∗ ln(Sa) + 2.860 0.58 0.63
Table 7-6: Correlation Matrix for MSC Concrete Bridge Component Responses (Wen).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.938 0.752 0.954 0.767 0.822 0.713 0.775
ln( f xL) 0.938 1.000 0.751 0.981 0.760 0.806 0.685 0.757
ln( f xT) 0.752 0.751 1.000 0.733 0.981 0.650 0.305 0.451
ln(exL) 0.954 0.981 0.733 1.000 0.755 0.864 0.696 0.734
ln(exT) 0.767 0.760 0.981 0.755 1.000 0.669 0.312 0.456
ln(abP) 0.822 0.806 0.650 0.864 0.669 1.000 0.583 0.556
ln(abA) 0.713 0.685 0.305 0.696 0.312 0.583 1.000 0.883
ln(abT) 0.775 0.757 0.451 0.734 0.456 0.556 0.883 1.000
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7.4.2 Multi-Span Simply Supported Concrete Girder Bridge
7.4.2.1 Rix and Fernandez-Leon Ground Motions
Table 7-7: PSDMs for MSSS Concrete Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.080∗ ln(PGA) + 0.999 0.82 0.45 1.145∗ ln(Sa) + 0.338 0.84 0.43
ln( f xL) 1.055∗ ln(PGA) + 4.047 0.66 0.66 1.157∗ ln(Sa) + 3.498 0.67 0.69
ln( f xT) 0.295∗ ln(PGA) + 1.900 0.55 0.23 0.326∗ ln(Sa) + 1.732 0.66 0.20
ln(exL) 1.009∗ ln(PGA) + 4.682 0.76 0.50 1.025∗ ln(Sa) + 3.990 0.77 0.49
ln(exT) 0.498∗ ln(PGA) + 2.385 0.39 0.55 0.503∗ ln(Sa) + 2.047 0.38 0.55
ln(abP) 1.174∗ ln(PGA) + 2.899 0.79 0.53 1.170∗ ln(Sa) + 2.077 0.76 0.57
ln(abA) 0.891∗ ln(PGA) + 3.031 0.68 0.53 0.903∗ ln(Sa) + 2.371 0.75 0.45
ln(abT) 1.022∗ ln(PGA) + 2.465 0.73 0.54 1.069∗ ln(Sa) + 1.798 0.79 0.48
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.108∗ ln(Sa) + 0.452 0.70 0.60 0.788∗ ln(Sa) + 0.140 0.79 0.49
ln( f xL) 1.098∗ ln(Sa) + 3.544 0.56 0.79 0.753∗ ln(Sa) + 3.197 0.60 0.76
ln( f xT) 0.307∗ ln(Sa) + 1.749 0.52 0.23 0.195∗ ln(Sa) + 1.625 0.50 0.24
ln(exL) 1.014∗ ln(Sa) + 4.119 0.67 0.59 0.727∗ ln(Sa) + 3.840 0.77 0.49
ln(exT) 0.511∗ ln(Sa) + 2.124 0.34 0.57 0.324∗ ln(Sa) + 1.919 0.33 0.57
ln(abP) 1.148∗ ln(Sa) + 2.205 0.66 0.68 0.811∗ ln(Sa) + 1.877 0.73 0.60
ln(abA) 0.853∗ ln(Sa) + 2.474 0.55 0.63 0.631∗ ln(Sa) + 2.306 0.59 0.65
ln(abT) 1.091∗ ln(Sa) + 1.976 0.73 0.55 0.673∗ ln(Sa) + 1.527 0.62 0.64
Table 7-8: Correlation Matrix for MSSS Concrete Bridge Component Responses (Rix).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.859 0.631 0.967 0.657 0.946 0.842 0.865
ln( f xL) 0.859 1.000 0.678 0.855 0.713 0.875 0.648 0.753
ln( f xT) 0.631 0.678 1.000 0.643 0.978 0.690 0.438 0.630
ln(exL) 0.967 0.855 0.643 1.000 0.676 0.926 0.806 0.827
ln(exT) 0.657 0.713 0.978 0.676 1.000 0.721 0.416 0.632
ln(abP) 0.946 0.875 0.690 0.926 0.721 1.000 0.813 0.858
ln(abA) 0.842 0.648 0.438 0.806 0.416 0.813 1.000 0.816
ln(abT) 0.865 0.753 0.630 0.827 0.632 0.858 0.816 1.000
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7.4.2.2 Wen and Wu Ground Motions
Table 7-9: PSDMs for MSSS Concrete Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.062∗ ln(PGA) + 0.599 0.56 0.65 0.665∗ ln(Sa) + 0.154 0.73 0.51
ln( f xL) 1.225∗ ln(PGA) + 4.150 0.57 0.73 0.722∗ ln(Sa) + 3.566 0.63 0.70
ln( f xT) 0.847∗ ln(PGA) + 3.217 0.33 0.82 0.451∗ ln(Sa) + 2.686 0.33 0.82
ln(exL) 1.024∗ ln(PGA) + 4.367 0.64 0.53 0.617∗ ln(Sa) + 3.914 0.80 0.40
ln(exT) 0.916∗ ln(PGA) + 3.440 0.32 0.92 0.514∗ ln(Sa) + 2.914 0.35 0.90
ln(abP) 0.974∗ ln(PGA) + 2.386 0.45 0.73 0.570∗ ln(Sa) + 1.837 0.60 0.59
ln(abA) 0.821∗ ln(PGA) + 2.756 0.41 0.66 0.490∗ ln(Sa) + 2.339 0.51 0.61
ln(abT) 0.812∗ ln(PGA) + 2.291 0.51 0.55 0.529∗ ln(Sa) + 1.881 0.56 0.59
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 0.995∗ ln(Sa) + 0.030 0.90 0.31 0.545∗ ln(Sa) + 0.523 0.73 0.51
ln( f xL) 1.037∗ ln(Sa) + 3.384 0.72 0.61 0.654∗ ln(Sa) + 4.184 0.74 0.59
ln( f xT) 0.738∗ ln(Sa) + 2.680 0.47 0.73 0.391∗ ln(Sa) + 3.001 0.36 0.80
ln(exL) 0.879∗ ln(Sa) + 3.705 0.91 0.26 0.511∗ ln(Sa) + 4.245 0.80 0.40
ln(exT) 0.860∗ ln(Sa) + 2.928 0.52 0.77 0.453∗ ln(Sa) + 3.293 0.40 0.86
ln(abP) 0.857∗ ln(Sa) + 1.735 0.75 0.47 0.524∗ ln(Sa) + 2.352 0.68 0.56
ln(abA) 0.710∗ ln(Sa) + 2.193 0.66 0.48 0.425∗ ln(Sa) + 2.676 0.57 0.57
ln(abT) 0.789∗ ln(Sa) + 1.805 0.75 0.43 0.434∗ ln(Sa) + 2.175 0.57 0.59
Table 7-10: Correlation Matrix for MSSS Concrete Bridge Component Responses (Wen).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.879 0.707 0.947 0.745 0.918 0.805 0.878
ln( f xL) 0.879 1.000 0.760 0.895 0.811 0.852 0.622 0.673
ln( f xT) 0.707 0.760 1.000 0.676 0.954 0.696 0.533 0.628
ln(exL) 0.947 0.895 0.676 1.000 0.707 0.912 0.802 0.805
ln(exT) 0.745 0.811 0.954 0.707 1.000 0.723 0.585 0.664
ln(abP) 0.918 0.852 0.696 0.912 0.723 1.000 0.773 0.793
ln(abA) 0.805 0.622 0.533 0.802 0.585 0.773 1.000 0.895
ln(abT) 0.878 0.673 0.628 0.805 0.664 0.793 0.895 1.000
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7.4.3 Multi-Span Simply Supported Concrete Box-Girder Bridge
7.4.3.1 Rix and Fernandez-Leon Ground Motions
Table 7-11: PSDMs for MSSS Concrete-Box Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.001∗ ln(PGA) + 0.398 0.70 0.57 1.179∗ ln(Sa) + 0.086 0.86 0.40
ln( f xL) 0.899∗ ln(PGA) + 2.058 0.76 0.44 1.054∗ ln(Sa) + 1.795 0.77 0.46
ln( f xT) 1.018∗ ln(PGA) + 1.450 0.65 0.66 1.153∗ ln(Sa) + 1.047 0.72 0.58
ln(exL) 1.159∗ ln(PGA) + 2.760 0.71 0.65 1.304∗ ln(Sa) + 2.290 0.78 0.57
ln(exT) 1.017∗ ln(PGA) + 1.451 0.65 0.66 1.165∗ ln(Sa) + 1.098 0.76 0.55
ln(abP) 0.866∗ ln(PGA) + 2.539 0.77 0.41 0.970∗ ln(Sa) + 2.184 0.85 0.34
ln(abA) 0.992∗ ln(PGA) + 3.485 0.75 0.50 1.181∗ ln(Sa) + 3.195 0.85 0.41
ln(abT) 0.848∗ ln(PGA) + 2.529 0.67 0.52 0.993∗ ln(Sa) + 2.210 0.82 0.38
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.141∗ ln(Sa) + 0.036 0.80 0.47 0.659∗ ln(Sa) + −0.521 0.60 0.67
ln( f xL) 1.001∗ ln(Sa) + 1.720 0.72 0.51 0.588∗ ln(Sa) + 1.219 0.65 0.54
ln( f xT) 1.093∗ ln(Sa) + 0.971 0.65 0.65 0.676∗ ln(Sa) + 0.523 0.56 0.73
ln(exL) 1.250∗ ln(Sa) + 2.220 0.72 0.64 0.752∗ ln(Sa) + 1.679 0.58 0.78
ln(exT) 1.092∗ ln(Sa) + 0.971 0.65 0.65 0.674∗ ln(Sa) + 0.524 0.56 0.74
ln(abP) 0.995∗ ln(Sa) + 2.192 0.85 0.33 0.569∗ ln(Sa) + 1.742 0.65 0.51
ln(abA) 1.187∗ ln(Sa) + 3.227 0.83 0.44 0.659∗ ln(Sa) + 2.612 0.59 0.67
ln(abT) 0.967∗ ln(Sa) + 2.199 0.76 0.44 0.539∗ ln(Sa) + 1.724 0.53 0.62
Table 7-12: Correlations for MSSS Concrete-Box Bridge Component Responses (Rix).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.913 0.950 0.895 0.950 0.885 0.890 0.932
ln( f xL) 0.913 1.000 0.899 0.943 0.897 0.873 0.923 0.861
ln( f xT) 0.950 0.899 1.000 0.900 0.999 0.830 0.861 0.866
ln(exL) 0.895 0.943 0.900 1.000 0.901 0.856 0.944 0.840
ln(exT) 0.950 0.897 0.999 0.901 1.000 0.832 0.860 0.863
ln(abP) 0.885 0.873 0.830 0.856 0.832 1.000 0.943 0.880
ln(abA) 0.890 0.923 0.861 0.944 0.860 0.943 1.000 0.898
ln(abT) 0.932 0.861 0.866 0.840 0.863 0.880 0.898 1.000
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7.4.3.2 Wen and Wu Ground Motions
Table 7-13: PSDMs for MSSS Concrete-Box Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 0.899∗ ln(PGA) + 0.382 0.61 0.49 0.633∗ ln(Sa) + −0.285 0.70 0.41
ln( f xL) 0.694∗ ln(PGA) + 2.106 0.47 0.50 0.461∗ ln(Sa) + 1.536 0.42 0.53
ln( f xT) 0.692∗ ln(PGA) + 1.083 0.34 0.66 0.439∗ ln(Sa) + 0.489 0.28 0.68
ln(exL) 1.113∗ ln(PGA) + 3.047 0.58 0.65 0.787∗ ln(Sa) + 2.226 0.57 0.67
ln(exT) 0.666∗ ln(PGA) + 1.078 0.36 0.61 0.424∗ ln(Sa) + 0.512 0.30 0.64
ln(abP) 0.672∗ ln(PGA) + 2.474 0.62 0.36 0.443∗ ln(Sa) + 1.894 0.55 0.39
ln(abA) 1.062∗ ln(PGA) + 3.952 0.68 0.50 0.731∗ ln(Sa) + 3.109 0.63 0.54
ln(abT) 0.933∗ ln(PGA) + 2.823 0.62 0.49 0.600∗ ln(Sa) + 2.064 0.60 0.48
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 0.683∗ ln(Sa) + −0.279 0.75 0.37 0.378∗ ln(Sa) + 0.075 0.63 0.45
ln( f xL) 0.536∗ ln(Sa) + 1.585 0.53 0.47 0.284∗ ln(Sa) + 1.822 0.41 0.53
ln( f xT) 0.535∗ ln(Sa) + 0.563 0.39 0.63 0.290∗ ln(Sa) + 0.818 0.31 0.67
ln(exL) 0.895∗ ln(Sa) + 2.288 0.68 0.57 0.473∗ ln(Sa) + 2.680 0.52 0.71
ln(exT) 0.528∗ ln(Sa) + 0.557 0.38 0.63 0.286∗ ln(Sa) + 0.810 0.31 0.67
ln(abP) 0.477∗ ln(Sa) + 1.899 0.60 0.37 0.258∗ ln(Sa) + 2.149 0.51 0.39
ln(abA) 0.816∗ ln(Sa) + 3.149 0.73 0.46 0.432∗ ln(Sa) + 3.510 0.56 0.59
ln(abT) 0.646∗ ln(Sa) + 2.068 0.64 0.46 0.349∗ ln(Sa) + 2.347 0.58 0.46
Table 7-14: Correlations for MSSS Concrete-Box Bridge Component Responses (Wen).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.846 0.838 0.874 0.842 0.835 0.883 0.853
ln( f xL) 0.846 1.000 0.824 0.930 0.823 0.821 0.869 0.735
ln( f xT) 0.838 0.824 1.000 0.806 0.998 0.606 0.698 0.669
ln(exL) 0.874 0.930 0.806 1.000 0.799 0.838 0.929 0.764
ln(exT) 0.842 0.823 0.998 0.799 1.000 0.606 0.697 0.678
ln(abP) 0.835 0.821 0.606 0.838 0.606 1.000 0.927 0.766
ln(abA) 0.883 0.869 0.698 0.929 0.697 0.927 1.000 0.833
ln(abT) 0.853 0.735 0.669 0.764 0.678 0.766 0.833 1.000
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7.4.4 Multi-Span Continuous Slab Bridge
7.4.4.1 Rix and Fernandez-Leon Ground Motions
Table 7-15: PSDMs for MSC Slab Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.087∗ ln(PGA) + 0.153 0.73 0.58 1.250∗ ln(Sa) + −0.260 0.73 0.63
ln( f xL) 0.845∗ ln(PGA) + 1.892 0.49 0.76 1.023∗ ln(Sa) + 1.652 0.56 0.76
ln( f xT) 0.773∗ ln(PGA) + 0.958 0.51 0.67 0.888∗ ln(Sa) + 0.590 0.63 0.57
ln(exL) 1.017∗ ln(PGA) + 2.295 0.58 0.76 1.119∗ ln(Sa) + 1.803 0.63 0.71
ln(exT) 0.774∗ ln(PGA) + 0.960 0.51 0.67 0.889∗ ln(Sa) + 0.592 0.63 0.57
ln(abP) 0.793∗ ln(PGA) + 2.491 0.64 0.52 0.913∗ ln(Sa) + 2.149 0.79 0.39
ln(abA) 0.953∗ ln(PGA) + 3.220 0.61 0.66 1.084∗ ln(Sa) + 2.792 0.73 0.55
ln(abT) 1.102∗ ln(PGA) + 3.743 0.79 0.49 1.248∗ ln(Sa) + 3.294 0.79 0.53
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.207∗ ln(Sa) + −0.262 0.65 0.72 0.685∗ ln(Sa) + −0.899 0.57 0.72
ln( f xL) 1.003∗ ln(Sa) + 1.671 0.51 0.80 0.565∗ ln(Sa) + 1.177 0.37 0.91
ln( f xT) 0.840∗ ln(Sa) + 0.605 0.52 0.66 0.493∗ ln(Sa) + 0.226 0.48 0.61
ln(exL) 1.099∗ ln(Sa) + 1.826 0.58 0.76 0.622∗ ln(Sa) + 1.288 0.43 0.89
ln(exT) 0.841∗ ln(Sa) + 0.607 0.52 0.66 0.494∗ ln(Sa) + 0.228 0.49 0.61
ln(abP) 0.899∗ ln(Sa) + 2.170 0.73 0.45 0.485∗ ln(Sa) + 1.706 0.47 0.63
ln(abA) 1.072∗ ln(Sa) + 2.823 0.69 0.59 0.591∗ ln(Sa) + 2.287 0.46 0.78
ln(abT) 1.155∗ ln(Sa) + 3.184 0.76 0.52 0.727∗ ln(Sa) + 2.725 0.68 0.60
Table 7-16: Correlation Matrix for MSC Slab Bridge Component Responses (Rix).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.799 0.748 0.794 0.748 0.870 0.862 0.955
ln( f xL) 0.799 1.000 0.824 0.925 0.823 0.864 0.935 0.774
ln( f xT) 0.748 0.824 1.000 0.793 1.000 0.722 0.738 0.765
ln(exL) 0.794 0.925 0.793 1.000 0.793 0.875 0.943 0.796
ln(exT) 0.748 0.823 1.000 0.793 1.000 0.722 0.737 0.765
ln(abP) 0.870 0.864 0.722 0.875 0.722 1.000 0.966 0.840
ln(abA) 0.862 0.935 0.738 0.943 0.737 0.966 1.000 0.846
ln(abT) 0.955 0.774 0.765 0.796 0.765 0.840 0.846 1.000
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7.4.4.2 Wen and Wu Ground Motions
Table 7-17: PSDMs for MSC Slab Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.386∗ ln(PGA) + 1.009 0.60 0.78 1.056∗ ln(Sa) + 0.053 0.72 0.67
ln( f xL) 1.445∗ ln(PGA) + 3.487 0.61 0.79 0.989∗ ln(Sa) + 2.397 0.62 0.78
ln( f xT) 0.717∗ ln(PGA) + 1.043 0.45 0.54 0.477∗ ln(Sa) + 0.421 0.45 0.54
ln(exL) 1.638∗ ln(PGA) + 3.970 0.63 0.85 1.140∗ ln(Sa) + 2.753 0.66 0.83
ln(exT) 0.716∗ ln(PGA) + 1.042 0.45 0.54 0.476∗ ln(Sa) + 0.421 0.45 0.54
ln(abP) 0.882∗ ln(PGA) + 2.972 0.55 0.54 0.618∗ ln(Sa) + 2.358 0.59 0.52
ln(abA) 1.487∗ ln(PGA) + 4.635 0.67 0.71 1.022∗ ln(Sa) + 3.525 0.70 0.68
ln(abT) 1.154∗ ln(PGA) + 4.120 0.63 0.60 0.838∗ ln(Sa) + 3.313 0.73 0.52
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.163∗ ln(Sa) + 0.019 0.76 0.61 0.631∗ ln(Sa) + 0.577 0.61 0.78
ln( f xL) 1.087∗ ln(Sa) + 2.363 0.66 0.74 0.634∗ ln(Sa) + 2.961 0.60 0.81
ln( f xT) 0.537∗ ln(Sa) + 0.453 0.47 0.54 0.303∗ ln(Sa) + 0.743 0.41 0.57
ln(exL) 1.279∗ ln(Sa) + 2.743 0.73 0.73 0.700∗ ln(Sa) + 3.322 0.59 0.91
ln(exT) 0.536∗ ln(Sa) + 0.453 0.47 0.54 0.302∗ ln(Sa) + 0.743 0.40 0.57
ln(abP) 0.694∗ ln(Sa) + 2.353 0.66 0.47 0.400∗ ln(Sa) + 2.723 0.59 0.52
ln(abA) 1.129∗ ln(Sa) + 3.496 0.75 0.61 0.638∗ ln(Sa) + 4.066 0.65 0.73
ln(abT) 0.932∗ ln(Sa) + 3.290 0.79 0.45 0.544∗ ln(Sa) + 3.860 0.73 0.51
Table 7-18: Correlation Matrix for MSC Slab Bridge Component Responses (Wen).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.908 0.795 0.912 0.794 0.875 0.937 0.944
ln( f xL) 0.908 1.000 0.803 0.917 0.802 0.878 0.955 0.890
ln( f xT) 0.795 0.803 1.000 0.836 1.000 0.742 0.779 0.820
ln(exL) 0.912 0.917 0.836 1.000 0.836 0.897 0.969 0.900
ln(exT) 0.794 0.802 1.000 0.836 1.000 0.742 0.778 0.819
ln(abP) 0.875 0.878 0.742 0.897 0.742 1.000 0.949 0.879
ln(abA) 0.937 0.955 0.779 0.969 0.778 0.949 1.000 0.923
ln(abT) 0.944 0.890 0.820 0.900 0.819 0.879 0.923 1.000
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7.4.5 Multi-Span Simply Supported Slab Bridge
7.4.5.1 Rix and Fernandez-Leon Ground Motions
Table 7-19: PSDMs for MSSS Slab Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.098∗ ln(PGA) + 0.683 0.72 0.59 1.170∗ ln(Sa) + 0.112 0.76 0.55
ln( f xL) 0.744∗ ln(PGA) + 1.864 0.53 0.61 0.941∗ ln(Sa) + 1.706 0.67 0.56
ln( f xT) 0.760∗ ln(PGA) + 0.767 0.62 0.53 0.763∗ ln(Sa) + 0.289 0.64 0.48
ln(exL) 0.962∗ ln(PGA) + 2.464 0.52 0.81 1.111∗ ln(Sa) + 2.077 0.63 0.71
ln(exT) 0.763∗ ln(PGA) + 0.766 0.61 0.53 0.772∗ ln(Sa) + 0.295 0.63 0.49
ln(abP) 0.716∗ ln(PGA) + 2.345 0.68 0.43 0.820∗ ln(Sa) + 2.047 0.81 0.34
ln(abA) 0.837∗ ln(PGA) + 3.293 0.68 0.51 0.981∗ ln(Sa) + 2.937 0.81 0.40
ln(abT) 1.197∗ ln(PGA) + 3.866 0.69 0.71 1.221∗ ln(Sa) + 3.140 0.73 0.62
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.163∗ ln(Sa) + 0.134 0.72 0.59 0.769∗ ln(Sa) + −0.187 0.64 0.71
ln( f xL) 0.934∗ ln(Sa) + 1.722 0.63 0.58 0.513∗ ln(Sa) + 1.255 0.41 0.76
ln( f xT) 0.742∗ ln(Sa) + 0.282 0.58 0.52 0.467∗ ln(Sa) + 0.022 0.45 0.63
ln(exL) 1.045∗ ln(Sa) + 1.985 0.59 0.71 0.616∗ ln(Sa) + 1.558 0.42 0.90
ln(exT) 0.754∗ ln(Sa) + 0.293 0.58 0.52 0.474∗ ln(Sa) + 0.025 0.46 0.63
ln(abP) 0.816∗ ln(Sa) + 2.066 0.77 0.37 0.420∗ ln(Sa) + 1.676 0.56 0.46
ln(abA) 0.979∗ ln(Sa) + 2.961 0.78 0.43 0.577∗ ln(Sa) + 2.603 0.55 0.65
ln(abT) 1.192∗ ln(Sa) + 3.135 0.67 0.68 0.796∗ ln(Sa) + 2.776 0.60 0.81
Table 7-20: Correlation Matrix MSSS Slab Bridge Component Responses (Rix).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.887 0.924 0.867 0.924 0.882 0.901 0.931
ln( f xL) 0.887 1.000 0.921 0.941 0.925 0.914 0.956 0.803
ln( f xT) 0.924 0.921 1.000 0.886 0.998 0.875 0.881 0.812
ln(exL) 0.867 0.941 0.886 1.000 0.893 0.891 0.951 0.759
ln(exT) 0.924 0.925 0.998 0.893 1.000 0.878 0.883 0.805
ln(abP) 0.882 0.914 0.875 0.891 0.878 1.000 0.955 0.815
ln(abA) 0.901 0.956 0.881 0.951 0.883 0.955 1.000 0.833
ln(abT) 0.931 0.803 0.812 0.759 0.805 0.815 0.833 1.000
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7.4.5.2 Wen and Wu Ground Motions
Table 7-21: PSDMs for MSSS Slab Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.268∗ ln(PGA) + 0.931 0.70 0.56 0.935∗ ln(Sa) + 0.026 0.80 0.46
ln( f xL) 1.102∗ ln(PGA) + 2.693 0.69 0.50 0.680∗ ln(Sa) + 1.808 0.52 0.68
ln( f xT) 1.129∗ ln(PGA) + 1.319 0.73 0.47 0.686∗ ln(Sa) + 0.423 0.62 0.56
ln(exL) 1.602∗ ln(PGA) + 3.736 0.72 0.68 1.089∗ ln(Sa) + 2.562 0.68 0.74
ln(exT) 1.105∗ ln(PGA) + 1.262 0.71 0.48 0.678∗ ln(Sa) + 0.395 0.61 0.56
ln(abP) 0.741∗ ln(PGA) + 2.623 0.61 0.40 0.390∗ ln(Sa) + 1.972 0.46 0.43
ln(abA) 1.051∗ ln(PGA) + 4.018 0.60 0.58 0.673∗ ln(Sa) + 3.238 0.50 0.70
ln(abT) 0.967∗ ln(PGA) + 3.258 0.56 0.58 0.687∗ ln(Sa) + 2.600 0.65 0.52
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 0.949∗ ln(Sa) + −0.120 0.84 0.38 0.545∗ ln(Sa) + 0.418 0.76 0.47
ln( f xL) 0.714∗ ln(Sa) + 1.644 0.64 0.49 0.376∗ ln(Sa) + 1.941 0.49 0.58
ln( f xT) 0.841∗ ln(Sa) + 0.464 0.76 0.45 0.481∗ ln(Sa) + 0.908 0.69 0.51
ln(exL) 1.253∗ ln(Sa) + 2.631 0.78 0.61 0.627∗ ln(Sa) + 3.037 0.56 0.86
ln(exT) 0.834∗ ln(Sa) + 0.439 0.75 0.45 0.472∗ ln(Sa) + 0.863 0.67 0.51
ln(abP) 0.491∗ ln(Sa) + 2.005 0.60 0.37 0.298∗ ln(Sa) + 2.302 0.51 0.45
ln(abA) 0.828∗ ln(Sa) + 3.281 0.67 0.53 0.408∗ ln(Sa) + 3.518 0.47 0.66
ln(abT) 0.810∗ ln(Sa) + 2.602 0.75 0.44 0.475∗ ln(Sa) + 3.090 0.70 0.47
Table 7-22: Correlation Matrix for MSSS Slab Bridge Component Responses (Wen).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.868 0.926 0.908 0.926 0.835 0.865 0.886
ln( f xL) 0.868 1.000 0.882 0.931 0.874 0.898 0.949 0.753
ln( f xT) 0.926 0.882 1.000 0.915 0.997 0.813 0.828 0.782
ln(exL) 0.908 0.931 0.915 1.000 0.906 0.872 0.940 0.778
ln(exT) 0.926 0.874 0.997 0.906 1.000 0.802 0.812 0.780
ln(abP) 0.835 0.898 0.813 0.872 0.802 1.000 0.927 0.815
ln(abA) 0.865 0.949 0.828 0.940 0.812 0.927 1.000 0.795
ln(abT) 0.886 0.753 0.782 0.778 0.780 0.815 0.795 1.000
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7.4.6 Multi-Span Continuous Steel Girder Bridge
7.4.6.1 Rix and Fernandez-Leon Ground Motions
Table 7-23: PSDMs for MSC Steel Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.754∗ ln(PGA) + 2.962 0.86 0.63 1.620∗ ln(Sa) + 1.596 0.78 0.78
ln( f xL) 1.400∗ ln(PGA) + 2.022 0.61 0.98 1.343∗ ln(Sa) + 0.989 0.60 1.00
ln( f xT) 1.502∗ ln(PGA) + 2.401 0.58 1.12 1.725∗ ln(Sa) + 1.635 0.76 0.87
ln(exL) 1.396∗ ln(PGA) + 6.116 0.85 0.51 1.210∗ ln(Sa) + 4.938 0.68 0.75
ln(exT) 1.804∗ ln(PGA) + 4.367 0.70 1.03 1.875∗ ln(Sa) + 3.204 0.81 0.82
ln(abP) 2.524∗ ln(PGA) + 4.784 0.62 1.73 2.174∗ ln(Sa) + 2.640 0.49 2.01
ln(abA) 0.696∗ ln(PGA) + 0.680 0.46 0.66 0.562∗ ln(Sa) + 0.086 0.38 0.64
ln(abT) 0.939∗ ln(PGA) + 2.583 0.71 0.53 0.964∗ ln(Sa) + 1.979 0.78 0.46
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.761∗ ln(Sa) + 1.981 0.75 0.82 1.250∗ ln(Sa) + 1.481 0.85 0.64
ln( f xL) 1.449∗ ln(Sa) + 1.295 0.57 1.03 1.025∗ ln(Sa) + 0.879 0.64 0.94
ln( f xT) 1.589∗ ln(Sa) + 1.671 0.56 1.15 0.986∗ ln(Sa) + 1.013 0.49 1.23
ln(exL) 1.405∗ ln(Sa) + 5.339 0.75 0.66 1.029∗ ln(Sa) + 4.984 0.91 0.40
ln(exT) 1.899∗ ln(Sa) + 3.469 0.68 1.06 1.203∗ ln(Sa) + 2.726 0.62 1.17
ln(abP) 2.577∗ ln(Sa) + 3.426 0.56 1.86 1.901∗ ln(Sa) + 2.793 0.69 1.57
ln(abA) 0.769∗ ln(Sa) + 0.335 0.48 0.64 0.632∗ ln(Sa) + 0.202 0.72 0.48
ln(abT) 1.036∗ ln(Sa) + 2.170 0.75 0.50 0.663∗ ln(Sa) + 1.771 0.68 0.56
Table 7-24: Correlation Matrix for MSC Steel Bridge Component Responses (Rix).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.813 0.811 0.957 0.870 0.862 0.772 0.829
ln( f xL) 0.813 1.000 0.710 0.805 0.683 0.669 0.609 0.649
ln( f xT) 0.811 0.710 1.000 0.726 0.900 0.730 0.677 0.841
ln(exL) 0.957 0.805 0.726 1.000 0.804 0.856 0.767 0.793
ln(exT) 0.870 0.683 0.900 0.804 1.000 0.757 0.652 0.844
ln(abP) 0.862 0.669 0.730 0.856 0.757 1.000 0.784 0.737
ln(abA) 0.772 0.609 0.677 0.767 0.652 0.784 1.000 0.805
ln(abT) 0.829 0.649 0.841 0.793 0.844 0.737 0.805 1.000
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7.4.6.2 Wen and Wu Ground Motions
Table 7-25: PSDMs for MSC Steel Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.932∗ ln(PGA) + 2.246 0.73 0.81 1.053∗ ln(Sa) + 0.842 0.76 0.76
ln( f xL) 1.888∗ ln(PGA) + 2.308 0.60 1.06 0.956∗ ln(Sa) + 0.771 0.55 1.11
ln( f xT) 1.802∗ ln(PGA) + 2.730 0.53 1.16 0.828∗ ln(Sa) + 1.060 0.46 1.17
ln(exL) 1.599∗ ln(PGA) + 5.510 0.68 0.75 0.937∗ ln(Sa) + 4.457 0.81 0.58
ln(exT) 1.738∗ ln(PGA) + 3.720 0.61 0.95 0.973∗ ln(Sa) + 2.587 0.58 1.08
ln(abP) 2.356∗ ln(PGA) + 3.112 0.47 1.73 1.366∗ ln(Sa) + 1.578 0.52 1.68
ln(abA) 0.608∗ ln(PGA) + 0.165 0.27 0.69 0.301∗ ln(Sa) + −0.341 0.24 0.70
ln(abT) 0.873∗ ln(PGA) + 2.376 0.52 0.57 0.429∗ ln(Sa) + 1.646 0.44 0.61
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.500∗ ln(Sa) + 0.819 0.87 0.55 0.939∗ ln(Sa) + 1.938 0.87 0.57
ln( f xL) 1.424∗ ln(Sa) + 0.852 0.65 0.99 0.915∗ ln(Sa) + 1.947 0.73 0.87
ln( f xT) 1.231∗ ln(Sa) + 1.068 0.63 0.88 0.806∗ ln(Sa) + 2.127 0.63 0.96
ln(exL) 1.324∗ ln(Sa) + 4.458 0.86 0.51 0.820∗ ln(Sa) + 5.386 0.89 0.44
ln(exT) 1.426∗ ln(Sa) + 2.642 0.65 0.98 0.873∗ ln(Sa) + 3.615 0.67 0.96
ln(abP) 1.950∗ ln(Sa) + 1.599 0.56 1.61 1.252∗ ln(Sa) + 3.097 0.63 1.48
ln(abA) 0.509∗ ln(Sa) + −0.248 0.36 0.64 0.403∗ ln(Sa) + 0.329 0.58 0.52
ln(abT) 0.691∗ ln(Sa) + 1.740 0.62 0.50 0.423∗ ln(Sa) + 2.209 0.64 0.49
Table 7-26: Correlation Matrix for MSC Steel Bridge Component Responses (Wen).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.864 0.835 0.962 0.843 0.858 0.708 0.834
ln( f xL) 0.864 1.000 0.828 0.832 0.697 0.743 0.648 0.683
ln( f xT) 0.835 0.828 1.000 0.779 0.765 0.745 0.669 0.830
ln(exL) 0.962 0.832 0.779 1.000 0.837 0.852 0.695 0.771
ln(exT) 0.843 0.697 0.765 0.837 1.000 0.706 0.493 0.656
ln(abP) 0.858 0.743 0.745 0.852 0.706 1.000 0.704 0.741
ln(abA) 0.708 0.648 0.669 0.695 0.493 0.704 1.000 0.765
ln(abT) 0.834 0.683 0.830 0.771 0.656 0.741 0.765 1.000
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7.4.7 Multi-Span Simply Supported Steel Girder Bridge
7.4.7.1 Rix and Fernandez-Leon Ground Motions
Table 7-27: PSDMs for MSSS Steel Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.444∗ ln(PGA) + 1.654 0.86 0.51 1.402∗ ln(Sa) + 0.760 0.75 0.69
ln( f xL) 2.298∗ ln(PGA) + 4.722 0.80 1.02 2.416∗ ln(Sa) + 3.528 0.81 0.98
ln( f xT) 1.929∗ ln(PGA) + 3.354 0.79 0.90 2.213∗ ln(Sa) + 2.579 0.84 0.83
ln(exL) 1.329∗ ln(PGA) + 5.388 0.84 0.51 1.300∗ ln(Sa) + 4.576 0.74 0.65
ln(exT) 1.463∗ ln(PGA) + 2.589 0.81 0.62 1.590∗ ln(Sa) + 1.873 0.86 0.54
ln(abP) 1.374∗ ln(PGA) + 2.935 0.72 0.76 1.365∗ ln(Sa) + 2.122 0.65 0.84
ln(abA) 0.809∗ ln(PGA) + 2.278 0.70 0.45 0.848∗ ln(Sa) + 1.845 0.74 0.42
ln(abT) 0.985∗ ln(PGA) + 2.027 0.79 0.45 1.078∗ ln(Sa) + 1.538 0.81 0.44
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.448∗ ln(Sa) + 0.844 0.76 0.67 1.027∗ ln(Sa) + 0.433 0.85 0.52
ln( f xL) 2.444∗ ln(Sa) + 3.610 0.79 1.04 1.598∗ ln(Sa) + 2.728 0.76 1.12
ln( f xT) 2.178∗ ln(Sa) + 2.511 0.82 0.85 1.281∗ ln(Sa) + 1.591 0.68 1.09
ln(exL) 1.344∗ ln(Sa) + 4.656 0.75 0.64 0.949∗ ln(Sa) + 4.267 0.84 0.52
ln(exT) 1.589∗ ln(Sa) + 1.906 0.82 0.61 0.984∗ ln(Sa) + 1.281 0.72 0.76
ln(abP) 1.397∗ ln(Sa) + 2.188 0.64 0.85 0.945∗ ln(Sa) + 1.728 0.66 0.83
ln(abA) 0.857∗ ln(Sa) + 1.871 0.72 0.43 0.542∗ ln(Sa) + 1.542 0.62 0.50
ln(abT) 1.072∗ ln(Sa) + 1.550 0.76 0.49 0.655∗ ln(Sa) + 1.137 0.69 0.55
Table 7-28: Correlation Matrix for MSSS Steel Bridge Component Responses (Rix).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.899 0.810 0.966 0.838 0.864 0.832 0.825
ln( f xL) 0.899 1.000 0.896 0.917 0.901 0.935 0.881 0.934
ln( f xT) 0.810 0.896 1.000 0.811 0.944 0.815 0.804 0.901
ln(exL) 0.966 0.917 0.811 1.000 0.843 0.877 0.804 0.852
ln(exT) 0.838 0.901 0.944 0.843 1.000 0.812 0.805 0.912
ln(abP) 0.864 0.935 0.815 0.877 0.812 1.000 0.914 0.905
ln(abA) 0.832 0.881 0.804 0.804 0.805 0.914 1.000 0.909
ln(abT) 0.825 0.934 0.901 0.852 0.912 0.905 0.909 1.000
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7.4.7.2 Wen and Wu Ground Motions
Table 7-29: PSDMs for MSSS Steel Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln(µφ) 1.431∗ ln(PGA) + 1.140 0.83 0.44 0.875∗ ln(Sa) + −0.118 0.80 0.46
ln( f xL) 2.057∗ ln(PGA) + 4.115 0.73 0.85 1.321∗ ln(Sa) + 2.554 0.74 0.84
ln( f xT) 2.219∗ ln(PGA) + 3.792 0.68 1.04 1.520∗ ln(Sa) + 2.105 0.77 0.88
ln(exL) 1.272∗ ln(PGA) + 4.810 0.71 0.55 0.908∗ ln(Sa) + 3.848 0.88 0.36
ln(exT) 1.326∗ ln(PGA) + 2.476 0.69 0.61 0.711∗ ln(Sa) + 1.239 0.55 0.68
ln(abP) 1.169∗ ln(PGA) + 2.313 0.59 0.66 0.757∗ ln(Sa) + 1.375 0.60 0.65
ln(abA) 0.772∗ ln(PGA) + 2.311 0.57 0.45 0.457∗ ln(Sa) + 1.634 0.49 0.49
ln(abT) 0.779∗ ln(PGA) + 1.604 0.55 0.47 0.502∗ ln(Sa) + 0.977 0.54 0.48
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln(µφ) 1.067∗ ln(Sa) + 0.008 0.86 0.40 0.628∗ ln(Sa) + 0.662 0.81 0.47
ln( f xL) 1.540∗ ln(Sa) + 2.571 0.76 0.80 0.932∗ ln(Sa) + 3.634 0.78 0.78
ln( f xT) 1.826∗ ln(Sa) + 2.361 0.82 0.79 1.006∗ ln(Sa) + 3.160 0.72 0.97
ln(exL) 1.023∗ ln(Sa) + 3.837 0.92 0.29 0.612∗ ln(Sa) + 4.509 0.85 0.39
ln(exT) 0.881∗ ln(Sa) + 1.327 0.66 0.59 0.532∗ ln(Sa) + 1.866 0.58 0.70
ln(abP) 0.894∗ ln(Sa) + 1.425 0.66 0.60 0.529∗ ln(Sa) + 1.981 0.63 0.63
ln(abA) 0.546∗ ln(Sa) + 1.674 0.54 0.46 0.321∗ ln(Sa) + 2.003 0.52 0.48
ln(abT) 0.594∗ ln(Sa) + 1.010 0.61 0.44 0.357∗ ln(Sa) + 1.395 0.60 0.44
Table 7-30: Correlation Matrix for MSSS Steel Bridge Component Responses (Wen).
ln(µφ) ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln(µφ) 1.000 0.914 0.905 0.950 0.863 0.861 0.775 0.790
ln( f xL) 0.914 1.000 0.859 0.924 0.867 0.891 0.802 0.809
ln( f xT) 0.905 0.859 1.000 0.867 0.883 0.833 0.757 0.795
ln(exL) 0.950 0.924 0.867 1.000 0.809 0.876 0.780 0.806
ln(exT) 0.863 0.867 0.883 0.809 1.000 0.820 0.781 0.836
ln(abP) 0.861 0.891 0.833 0.876 0.820 1.000 0.897 0.867
ln(abA) 0.775 0.802 0.757 0.780 0.781 0.897 1.000 0.928
ln(abT) 0.790 0.809 0.795 0.806 0.836 0.867 0.928 1.000
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7.4.8 Single-Span Concrete Girder Bridge
7.4.8.1 Rix and Fernandez-Leon Ground Motions
Table 7-31: PSDMs for SS Concrete Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln( f xL) 0.465∗ ln(PGA) + 2.253 0.34 0.57 0.589∗ ln(Sa) + 2.104 0.52 0.48
ln( f xT) 0.271∗ ln(PGA) + 1.714 0.53 0.23 0.314∗ ln(Sa) + 1.591 0.67 0.19
ln(exL) 0.542∗ ln(PGA) + 2.511 0.43 0.55 0.673∗ ln(Sa) + 2.322 0.62 0.45
ln(exT) 0.256∗ ln(PGA) + 1.673 0.54 0.21 0.296∗ ln(Sa) + 1.559 0.67 0.18
ln(abP) 0.897∗ ln(PGA) + 1.024 0.55 0.72 1.101∗ ln(Sa) + 0.740 0.66 0.68
ln(abA) 0.939∗ ln(PGA) + 1.554 0.54 0.76 1.083∗ ln(Sa) + 1.110 0.70 0.61
ln(abT) 0.853∗ ln(PGA) + 1.514 0.63 0.58 1.039∗ ln(Sa) + 1.093 0.79 0.47
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln( f xL) 0.525∗ ln(Sa) + 2.027 0.47 0.45 0.299∗ ln(Sa) + 1.814 0.28 0.59
ln( f xT) 0.315∗ ln(Sa) + 1.615 0.62 0.20 0.163∗ ln(Sa) + 1.441 0.37 0.26
ln(exL) 0.619∗ ln(Sa) + 2.311 0.47 0.53 0.340∗ ln(Sa) + 1.988 0.33 0.60
ln(exT) 0.295∗ ln(Sa) + 1.579 0.61 0.19 0.154∗ ln(Sa) + 1.413 0.39 0.24
ln(abP) 1.124∗ ln(Sa) + 0.864 0.62 0.72 0.544∗ ln(Sa) + 0.131 0.39 0.83
ln(abA) 1.059∗ ln(Sa) + 1.175 0.60 0.71 0.588∗ ln(Sa) + 0.650 0.41 0.86
ln(abT) 0.981∗ ln(Sa) + 1.150 0.64 0.61 0.519∗ ln(Sa) + 0.687 0.47 0.70
Table 7-32: Correlation Matrix for SS Concrete Bridge Component Responses (Rix).
ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln( f xL) 1.000 0.727 0.991 0.782 0.840 0.753 0.677
ln( f xT) 0.727 1.000 0.738 0.923 0.654 0.652 0.718
ln(exL) 0.991 0.738 1.000 0.783 0.887 0.820 0.726
ln(exT) 0.782 0.923 0.783 1.000 0.669 0.609 0.654
ln(abP) 0.840 0.654 0.887 0.669 1.000 0.911 0.792
ln(abA) 0.753 0.652 0.820 0.609 0.911 1.000 0.848
ln(abT) 0.677 0.718 0.726 0.654 0.792 0.848 1.000
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7.4.8.2 Wen and Wu Ground Motions
Table 7-33: PSDMs for SS Concrete Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln( f xL) 1.105∗ ln(PGA) + 3.827 0.45 0.83 0.622∗ ln(Sa) + 2.991 0.40 0.86
ln( f xT) 0.501∗ ln(PGA) + 2.462 0.24 0.60 0.167∗ ln(Sa) + 1.901 0.08 0.66
ln(exL) 1.043∗ ln(PGA) + 3.870 0.46 0.77 0.614∗ ln(Sa) + 3.121 0.45 0.78
ln(exT) 0.792∗ ln(PGA) + 3.059 0.31 0.79 0.429∗ ln(Sa) + 2.485 0.22 0.92
ln(abP) 0.566∗ ln(PGA) + 1.105 0.34 0.53 0.288∗ ln(Sa) + 0.667 0.35 0.45
ln(abA) 0.647∗ ln(PGA) + 1.653 0.38 0.56 0.396∗ ln(Sa) + 1.202 0.41 0.55
ln(abT) 0.937∗ ln(PGA) + 1.977 0.47 0.68 0.436∗ ln(Sa) + 1.091 0.28 0.79
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln( f xL) 0.872∗ ln(Sa) + 3.017 0.54 0.76 0.471∗ ln(Sa) + 3.430 0.43 0.85
ln( f xT) 0.347∗ ln(Sa) + 2.039 0.22 0.60 0.195∗ ln(Sa) + 2.219 0.19 0.61
ln(exL) 0.846∗ ln(Sa) + 3.130 0.58 0.68 0.461∗ ln(Sa) + 3.541 0.46 0.77
ln(exT) 0.650∗ ln(Sa) + 2.555 0.34 0.85 0.350∗ ln(Sa) + 2.858 0.27 0.89
ln(abP) 0.389∗ ln(Sa) + 0.653 0.42 0.42 0.272∗ ln(Sa) + 0.969 0.40 0.51
ln(abA) 0.570∗ ln(Sa) + 1.189 0.50 0.54 0.319∗ ln(Sa) + 1.487 0.41 0.58
ln(abT) 0.689∗ ln(Sa) + 1.195 0.48 0.68 0.396∗ ln(Sa) + 1.587 0.43 0.71
Table 7-34: Correlation Matrix for SS Concrete Bridge Component Responses (Wen).
ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln( f xL) 1.000 0.688 0.993 0.843 0.592 0.611 0.566
ln( f xT) 0.688 1.000 0.672 0.588 0.383 0.431 0.474
ln(exL) 0.993 0.672 1.000 0.833 0.653 0.670 0.608
ln(exT) 0.843 0.588 0.833 1.000 0.512 0.513 0.548
ln(abP) 0.592 0.383 0.653 0.512 1.000 0.954 0.829
ln(abA) 0.611 0.431 0.670 0.513 0.954 1.000 0.835
ln(abT) 0.566 0.474 0.608 0.548 0.829 0.835 1.000
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7.4.9 Single-Span Steel Girder Bridge
7.4.9.1 Rix and Fernandez-Leon Ground Motions
Table 7-35: PSDMs for SS Steel Bridge Components (Rix).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln( f xL) 2.115∗ ln(PGA) + 2.236 0.69 1.24 2.280∗ ln(Sa) + 1.676 0.78 1.05
ln( f xT) 1.737∗ ln(PGA) + 0.854 0.60 1.24 1.934∗ ln(Sa) + 0.485 0.73 1.03
ln(exL) 2.191∗ ln(PGA) + 2.987 0.78 1.01 2.280∗ ln(Sa) + 2.310 0.84 0.85
ln(exT) 1.683∗ ln(PGA) + 1.774 0.59 1.24 1.844∗ ln(Sa) + 1.372 0.68 1.08
ln(abP) 1.313∗ ln(PGA) + 1.146 0.63 0.87 1.404∗ ln(Sa) + 0.793 0.72 0.76
ln(abA) 1.259∗ ln(PGA) + 1.338 0.62 0.83 1.303∗ ln(Sa) + 0.983 0.68 0.77
ln(abT) 1.099∗ ln(PGA) + 1.148 0.52 0.93 1.242∗ ln(Sa) + 0.941 0.65 0.80
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln( f xL) 2.220∗ ln(Sa) + 1.172 0.66 1.30 1.366∗ ln(Sa) + 0.256 0.56 1.47
ln( f xT) 1.862∗ ln(Sa) + 0.031 0.60 1.24 1.115∗ ln(Sa) + −0.782 0.48 1.41
ln(exL) 2.249∗ ln(Sa) + 1.828 0.72 1.14 1.360∗ ln(Sa) + 0.937 0.61 1.32
ln(exT) 1.758∗ ln(Sa) + 0.917 0.56 1.28 1.001∗ ln(Sa) + 0.079 0.41 1.49
ln(abP) 1.234∗ ln(Sa) + 0.363 0.50 1.01 0.765∗ ln(Sa) + −0.081 0.47 1.01
ln(abA) 1.198∗ ln(Sa) + 0.594 0.52 0.93 0.749∗ ln(Sa) + 0.179 0.49 0.94
ln(abT) 1.150∗ ln(Sa) + 0.592 0.50 0.95 0.654∗ ln(Sa) + 0.043 0.36 1.07
Table 7-36: Correlation Matrix for SS Steel Bridge Component Responses (Rix).
ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln( f xL) 1.000 0.869 0.952 0.884 0.902 0.877 0.837
ln( f xT) 0.869 1.000 0.843 0.924 0.799 0.738 0.812
ln(exL) 0.952 0.843 1.000 0.851 0.918 0.936 0.853
ln(exT) 0.884 0.924 0.851 1.000 0.817 0.759 0.861
ln(abP) 0.902 0.799 0.918 0.817 1.000 0.946 0.936
ln(abA) 0.877 0.738 0.936 0.759 0.946 1.000 0.890
ln(abT) 0.837 0.812 0.853 0.861 0.936 0.890 1.000
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7.4.9.2 Wen and Wu Ground Motions
Table 7-37: PSDMs for SS Steel Bridge Components (Wen).
PGA Sa (T = Geometric Mean)
Response PSDM R2 βD|PGA PSDM R2 βD|S a
ln( f xL) 2.088∗ ln(PGA) + 2.496 0.59 1.17 1.108∗ ln(Sa) + 0.362 0.25 1.58
ln( f xT) 1.523∗ ln(PGA) + 1.048 0.30 1.58 0.948∗ ln(Sa) + −0.416 0.17 1.72
ln(exL) 1.941∗ ln(PGA) + 2.819 0.62 1.04 1.201∗ ln(Sa) + 0.946 0.34 1.37
ln(exT) 1.997∗ ln(PGA) + 2.732 0.55 1.22 1.104∗ ln(Sa) + 0.670 0.24 1.59
ln(abP) 1.213∗ ln(PGA) + 1.057 0.44 0.94 0.568∗ ln(Sa) + −0.300 0.14 1.16
ln(abA) 1.395∗ ln(PGA) + 1.742 0.53 0.89 0.610∗ ln(Sa) + 0.192 0.15 1.19
ln(abT) 0.947∗ ln(PGA) + 1.064 0.27 1.06 0.411∗ ln(Sa) + −0.030 0.07 1.19
Sa (T = 0.2 sec) Sa (T = 1.0 sec)
Response PSDM R2 βD|S a PSDM R2 βD|S a
ln( f xL) 1.204∗ ln(Sa) + 0.549 0.39 1.43 0.759∗ ln(Sa) + 1.432 0.42 1.39
ln( f xT) 0.916∗ ln(Sa) + −0.382 0.21 1.68 0.635∗ ln(Sa) + 0.459 0.27 1.61
ln(exL) 1.244∗ ln(Sa) + 1.081 0.48 1.21 0.783∗ ln(Sa) + 1.991 0.52 1.17
ln(exT) 1.299∗ ln(Sa) + 0.964 0.45 1.36 0.805∗ ln(Sa) + 1.877 0.46 1.34
ln(abP) 0.749∗ ln(Sa) + −0.061 0.32 1.03 0.501∗ ln(Sa) + 0.571 0.39 0.98
ln(abA) 0.815∗ ln(Sa) + 0.462 0.35 1.04 0.551∗ ln(Sa) + 1.169 0.44 0.97
ln(abT) 0.644∗ ln(Sa) + 0.256 0.24 1.08 0.466∗ ln(Sa) + 0.902 0.34 1.01
Table 7-38: Correlation Matrix for SS Steel Bridge Component Responses (Wen).
ln( f xL) ln( f xT) ln(exL) ln(exT) ln(abP) ln(abA) ln(abT)
ln( f xL) 1.000 0.759 0.932 0.857 0.785 0.820 0.764
ln( f xT) 0.759 1.000 0.786 0.771 0.809 0.817 0.840
ln(exL) 0.932 0.786 1.000 0.857 0.849 0.873 0.771
ln(exT) 0.857 0.771 0.857 1.000 0.861 0.865 0.861
ln(abP) 0.785 0.809 0.849 0.861 1.000 0.949 0.892
ln(abA) 0.820 0.817 0.873 0.865 0.949 1.000 0.882
ln(abT) 0.764 0.840 0.771 0.861 0.892 0.882 1.000
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7.5 Discussion of Ground Motion Intensity Measures
As stated previously, probabilistic seismic demand models are generally expressed in terms
of one or more intensity measures (e.g. PGA,Sa). The quality of each model is largely
dependent on the efficiency of the intensity measure(s) selected. This is to say, that the
intensity measure (IM) that results in the smallest dispersion around the estimated median
is said to be the most efficient IM.
Efficiency is not the only requirement for the selection of an appropriate IM. Mackie
and Stojadinovic (2003) state that other considerations include practicality and sufficiency.
Practicality refers to whether or not the IM has any direct correlation to known engineer-
ing measurements. This phenomenon is illustrated in Figure 7-4. Sufficiency applies to
cases where an engineering demand measurement and a particular IM have no conditional
dependence on ground motion characteristics such as magnitude and distance.
Another consideration is that the chosen IM should be readily applicable to an entire
portfolio of bridges. This is best illustrated by considering the source of bridge informa-
tion, which is often only the National Bridge Inventory (NBI) database (FHWA, 2002) as
is the case with HAZUS-MH (FEMA, 2003). This database only gives basic geometry
and construction information and therefore is not conducive to deriving structurally based
intensity measures such as the spectral acceleration at the fundamental period (Sa− f ).
Finally, the chosen intensity measure should have hazard computability (Giovenale
et al., 2004). The ultimate use of the PSDMs is to convolve them with the hazard in a















Figure 7-4: Illustration of Practicality of an IM.
the probabilistic seismic hazard for the selected region to be calculated in terms of the se-
lected IM. Hazard maps and hazard curves are readily available in terms of PGA and for
spectral accelerations at a discrete number of values. Thus implying that even if a more
efficient IM is defined, the computability of the hazard in terms of that IM, may make it a
less desirable choice (Giovenale et al., 2004).
7.5.1 Practicality and Efficiency
The appropriateness of the four intensity measures examined in this study (see Table 7-
1) is evaluated in the framework of practicality and efficiency. With practicality being
measured as correlation and efficiency being measured as dispersion, a term to measure
their composite effect is beneficial. A new term,ζ, is proposed to more eff ctively measure
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this composite contribution. The derivation ofζ, which is a modified measure of dispersion,
is best seen in the context of Equation 7.3 which can be rewritten as follows.

































whereλ = ln(d)−ln(a)b and is the natural log of the median IM value for a specified level of
demand,d. Also, the dispersion component is given asζ = βEDP|IMb . The termζ, is thus
a function of the efficiency measureβEDP|IM and a practicality measureb. Consequently,
the appropriateness of intensity measures in this study is directly evaluated usingζ where
smaller values are indicative of increased appropriateness.
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7.5.2 Intensity Measure Case Studies
For evaluation of the appropriateness of the intensity measures given in Table 7-1, two
bridge types are selected. The multi-span continuous concrete girder bridge and the multi-
span simply supported steel girder bridge are the two classes selected for this evaluation.
The motivation for their selection is that they represent classes of bridges whose fundamen-
tal periods are significantly different. The period ranges for the MSC Concrete and MSSS
Steel bridges are 0.35 - 0.78 seconds and 0.17 - 0.32 seconds respectively.
For the sake of brevity, only three of the component responses are discussed because it
is believed they sufficiently represent the trends in the other component responses. Specifi-
cally, the responses are the curvature ductility of the columns (µφ), longitudinal deformation
of the fixed bearings (f xL) and the active deformation of the abutments (abA). The termζ
for these responses are examined for both ground motion suites.
7.5.2.1 Multi-Span Continuous Concrete Bridge
Theζ values for the MSC Concrete bridge using four different intensity measures are pre-
sented in Tables 7-39 and 7-40 for the Rix and Wen ground motion suites respectively.
Using the Rix ground motions, the modified dispersions are smallest when theSa−gm in-
tensity measure is used. The values that correspond with the three responses are 0.41, 0.60
and 1.61. However, these values do not change much when PGA is used giving respective
values of 0.49, 0.62 and 1.62. This shows that there is not much difference in the appropri-
ateness of these two intensity measures. It should be pointed out, though, thatSa−1 is the
worst of the intensity measures.
203
Table 7-39: ζ Values for MSC Concrete Girder Bridge (Rix).
PGA Sa−gm
b βD|IM ζ b βD|IM ζ
µφ 1.157 0.57 0.49 1.173 0.48 0.41
f xL 1.076 0.67 0.62 1.076 0.65 0.60
abA 0.437 0.71 1.62 0.440 0.71 1.61
Sa−02 Sa−1
b βD|IM ζ b βD|IM ζ
µφ 1.142 0.58 0.51 0.780 0.66 0.85
f xL 1.073 0.77 0.72 0.683 0.81 1.19
abA 0.422 0.73 1.73 0.325 0.71 2.18
Table 7-40: ζ Values for MSC Concrete Girder Bridge (Wen).
PGA Sa−gm
b βD|IM ζ b βD|IM ζ
µφ 1.324 0.70 0.53 0.782 0.57 0.73
f xL 1.281 0.56 0.44 0.676 0.55 0.81
abA 0.637 0.65 1.02 0.458 0.65 1.42
Sa−02 Sa−1
b βD|IM ζ b βD|IM ζ
µφ 1.181 0.37 0.31 0.697 0.53 0.76
f xL 0.986 0.38 0.39 0.600 0.45 0.75




Figure 7-5: Frequency Content Differences in Ground Motion Suites.
When one considers the Wen suite of ground motions the appropriate intensity measure
is determined to beSa−02 with ζ values of 0.31, 0.39 and 0.95 (see Table 7-40). The second
most appropriate intensity measure, as determined using the metricζ, is PGA, with respec-
tive values of 0.53, 0.44, and 1.02. Once again the worst intensity measure is determined
to beSa−1. The difference that occurs between the two ground motion suites is likely due
to the frequency content of the suites as they compare with the periods of the bridge suites.
For instance, using Figure 7-5 as a reference, a bridge whose response is dominated by the
longitudinal mode would be similar for both ground motion suites. However, the spectral
acceleration assessed atTgm would be quite different. This phenomenon will likely reduce
the efficiency of theSa−gm in some cases as seen when comparing Tables 7-39 and 7-40.
7.5.2.2 Multi-Span Simply Supported Steel Bridge
Tables 7-41 and 7-42 show theζ values for the MSSS Steel girder bridge subjected to the
Rix and Wen ground motion suites respectively. For the Rix ground motion suite there is
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not an intensity measure which is clearly more practical and effici nt when compared to
the others. As shown in Table 7-41, for the component responsesµφ andabA PGA appears
to be the most practical and efficient withζ values of 0.32 and 0.23 respectively. However,
Sa−gm is the most appropriate intensity measure whenf xL is considered.
Table 7-41: ζ Values for MSSS Steel Girder Bridge (Rix).
PGA Sa−gm
b βD|IM ζ b βD|IM ζ
µφ 1.444 0.51 0.35 1.402 0.69 0.49
f xL 2.298 1.02 0.44 2.416 0.98 0.41
abA 1.929 0.45 0.23 0.848 0.42 0.50
Sa−02 Sa−1
b βD|IM ζ b βD|IM ζ
µφ 1.448 0.67 0.46 1.027 0.52 0.51
f xL 2.444 1.04 0.43 1.598 1.12 0.70
abA 0.857 0.43 0.50 0.542 0.50 0.92
Table 7-42: ζ Values for MSSS Steel Girder Bridge (Wen).
PGA Sa−gm
b βD|IM ζ b βD|IM ζ
µφ 1.431 0.44 0.31 0.875 0.46 0.53
f xL 2.057 0.85 0.41 1.321 0.84 0.64
abA 0.772 0.45 0.58 0.457 0.49 1.07
Sa−02 Sa−1
b βD|IM ζ b βD|IM ζ
µφ 1.067 0.40 0.37 0.628 0.47 0.75
f xL 1.540 0.80 0.52 0.932 0.78 0.84
abA 0.546 0.46 0.84 0.321 0.48 1.50
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For the Wen suite of ground motions, PGA appears to be the most appropriate intensity
measure withζ values of 0.31, 0.41 and 0.58. However, it can be seen thatSa−02 is a close
second with respective values of 0.37, 0.52 and 0.84. Once againSa−1 appears to be the
least appropriate intensity measure givingζ values of 0.75, 0.84 and 1.50.
Considering the information presented in this section, PGA appears to be the most
practical and efficient of the four intensity measures investigated. Although it is not always
the most efficient of parameters, it has an advantage of being independent of structural
parameters and thus more suitable for use in representing suites of bridges.Sa−02 is also
independent of the specific structure and is also a reasonable intensity measure to use. One
interesting outcome of this study is the discovery thatSa−1 is consistently the least efficient
and practical of the four IMs. This is a particularly significant finding considering that
HAZUS-MH uses this specific intensity measure (FEMA, 2003).
7.6 Closure
Probabilistic seismic demand models for the components of nine bridge classes typical to
the Central and Southeastern United States are generated using two distinct ground mo-
tion suites. The PSDMs are derived in terms of four specific intensity measures and are
presented in the form of joint probability distributions. This form of the PSDM is essen-
tial to accomplishing the generation of “system” or fragility curves as it facilitates random
sampling variables with stochastic dependence. A cursory review of the generated PSDMs
gives an indication that the ground motion suite does play a significant role in the estimated
demand.
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Another point addressed in this chapter is the selection of an appropriate intensity mea-
sure. Contrary to common belief, peak ground acceleration, as opposed to spectral quan-
tities, was found to be the most efficient and practical intensity measure for generation of
PSDMs for the bridge types contained in this study. One possible reason for this finding is
that more than one component is being considered and not all of them are particularly well
behaved. Peak ground acceleration appears to be less sensitive to this fluctuation in behav-
ior. It should be noted that the choice of PGA as the intensity measure is not completely
out of line. Other researchers who have shown that PGA is the most appropriate intensity
measure are still using it in their studies (Kim and Shinozuka, 2004).
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CHAPTER VIII
SEISMIC FRAGILITY ANALYSIS OF HIGHWAY
BRIDGES
8.1 Introduction
Seismic loss estimation requires information ranging from the seismic hazard to the con-
ditional societal and economic impacts. This was illustrated previously in Equation 7.1.
One very significant and vital part of this loss equation is known as the fragility function,
P[LS|IM ]. This fragility function is a probabilistic tool used to estimate the damage likely
to occur during a seismic event. It is given explicitly as the probability of meeting or
exceeding some limit state (LS) for a specific intensity of seismic excitation (IM).
These seismic fragility curves are a convolution of two separate probability statements.
One such probability statement was given in Chapter 7 as the probabilistic seismic demand
model presented in Equation 7.3 whereEDP is the selected engineering demand param-
eter (e.g. column ductility, bearing deformation) andIM is the intensity measure used to
quantify the seismic hazard (e.g. PGA). More generally, this statement is referred to as the
seismic demand (D).
The other probability statement is given as the probability of meeting or exceeding
some limit state (LS) conditioned on some specific level of demand (EDP) P[LS|EDP].
The limit states of the structure are chosen such that they have some relation to the operation
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or functionality of the structure and are also referred to as structural capacities (C). Thus,
the fragility statement is the probability of the seismic demand reaching or exceeding the
structural capacity at a given intensity level as shown in Equation 8.1.
Fragility = P[D ≥ C|IM ] = P[C − D ≤ 0.0|IM ] (8.1)
When both the seismic demand and the structural capacity follow lognormal distribu-
tions, the fragility equation takes the form given in Equation 2.3 and presented again in
Equation 8.2.







whereβD|IM andβC are the lognormal standard deviations (dispersions) of the demand and
capacity, respectively,Φ(·) is the standard normal cumulative distribution function,Sc is
the median value for the limit state andSd is the median for the seismic demand which is a
function of the intensity measureIM .
In this chapter the seismic fragility curves for all nine bridge classes are developed.
They utilize the seismic demand models developed in Chapter 7 for each of the various
bridge components. The limit states, which are used, are presented in the following sec-
tion. This chapter concludes by looking at the effects of ground motion suite selection
and analytical modeling dimension (2-D vs. 3-D). Finally, a comparison is made of these
fragility curves with past earthquake damage and the bridge fragility curves in HAZUS.
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8.2 Limit States
Determining the limit states for the various components of each bridge is not a trivial task.
The limit states, as used in Equation 8.2, requires that they be defined in terms of some
metric used by theEDP, such as ductility or deformation. At the same time, they must also
have some qualitative or functional interpretation which gives a sense of the type of impact
this limit state carries.
The qualitative limit states used throughout this study are the same limit states defined
and used in the FEMA loss assessment package HAZUS-MH (FEMA, 2003). The decision
to use these limit states is an obvious one in that it will provide for the portability of the
fragility functions developed in this study to HAZUS. The qualitative description of the
four damage states: Slight, Moderate, Extensive and Complete are given in Table 8-1.
Table 8-1: HAZUS’ Qualitative Limit States (FEMA, 2003).
Limit State Description
Slight Minor cracking and spalling to the abutment, cracks in shear keys
at abutments, minor spalling and cracks at hinges, minor spalling at
the column (damage requires no more than cosmetic repair) or minor
cracking to the deck.
Moderate Any column experiencing moderate (shear cracks) cracking and
spalling (column structurally still sound), moderate movement of the
abutment (<2”), extensive cracking and spalling of shear keys, any
connection having cracked shear keys or bent bolts, keeper bar fail-
ure without unseating, rocker bearing failure or moderate settlement
of the approach.
Extensive any column degrading without collapse – shear failure – (column
structurally unsafe), significant residual movement at connections,
or major settlement approach, vertical offset of the abutment, differ-
ential settlement at connections, shear key failure at abutments.
Complete any column collapsing and connection losing all bearing support,
which may lead to imminent deck collapse, tilting of substructure
due to foundation failure.
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Associated with each of these limit states is a timeline for the restoration of the bridge
functionality. Figure 8-1 shows the restoration timeline for each limit state, which is based
on the opinion of four experts (ATC, 1985; FEMA, 2003). Thus, it is clear that each limit


























Figure 8-1: HAZUS – Bridge Functionality Restoration Curves (FEMA, 2003).
With the definition of qualitative limit states, the next task is to assign a quantitative
measure to each of the limit states for each of the bridge components. The challenge lies
in being able to define the limit states such that they are functionally equal. For example,
the question may arise: “What ductility level in the columns will affect the functionality
of the bridge to the same degree as a chosen deformation in the fixed bearings?” There
are two main approaches to accomplishing this task, namely the prescriptive/physics based
approach and the descriptive approach.
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8.2.1 Prescriptive Approach
The prescriptive approach is an approach where an analyst prescribes the functional level
of the bridge based on the physics of the system. An example of such a prescription may
be that the analyst prescribes the bridge to be shut for one day to allow for inspection
if the column reinforcement yields. Thus, one may use the constitutive model for each
component to prescribe the various limit states. It is imperative that these prescriptions be
set at levels that would be noticeable to a bridge inspector.
Based on experimental results and interpretation of bridge component behavior some
prescriptive limit states are set for this study. These median values for these limit states are
given in Table 8-2 and discussed in the following subsections.
Table 8-2: Median Values for Prescriptive Limit States.
Component Slight Moderate Extensive Complete
Concrete Column (µφ) 1.0 1.58 3.22 6.84
High-Steel Bearing Fixed-Long (mm) 6 20 40 255
High-Steel Bearing Fixed-Tran (mm) 6 20 40 255
High-Steel Bearing Rocker-Long (mm) 50 100 150 255
High-Steel Bearing Rocker-Tran (mm) 6 20 40 255
Low-Steel Bearing Fixed-Long (mm) 6 20 40 255
Low-Steel Bearing Fixed-Tran (mm) 6 20 40 255
Low-Steel Bearing Sliding-Long (mm) 50 100 150 255
Low-Steel Bearing Sliding-Tran (mm) 6 20 40 255
Elastomeric Bearing Fixed-Long (mm) 30 100 150 255
Elastomeric Bearing Fixed-Tran (mm) 30 100 150 255
Elastomeric Bearing Expan-Long (mm) 30 100 150 255
Elastomeric Bearing Expan-Tran (mm) 30 100 150 255
Abutment-Active (mm) 4 8 25 50
Abutment-Tran (mm) 4 8 25 50
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8.2.1.1 Steel Bearings
The median values for the limit states of the high-type steel bearings in the longitudinal
direction are set to be 6 mm, 20 mm, 40 mm and 255 mm for the slight, moderate, extensive
and complete damage states respectively. It was observed in the work by Mander et al.
(1996), that a longitudinal deformation of 6 mm in the fixed steel bearings resulted in the
appearance of cracks in the concrete pier. This is believed to be a noticeable level of damage
and may result in a more detailed evaluation. At a deformation of 20 mm, prying of the
bearings and severe deformation in the anchor bolts was observed. Complete fracture of
the bolts is assumed to occur at 40 mm which will permit either toppling or sliding of the
bearings (see Figure C-6). A deformation or sliding of 255 mm is believed to exceed the
typical seat width given for the bearings and therefore would result in complete collapse of
the span.
The transverse behaviors of both the fixed and rocker type bearings are similar to that of
the high-type fixed bearing in the longitudinal direction. Therefore, the same deformation
limit states are assumed to apply for these cases. The low-type bearings are also subjected
to the same types of limitations as their high-type counterparts and are therefore assigned
the same limit states.
8.2.1.2 Elastomeric Bearings
The behavior of the elastomeric bearings is one which is controlled by sliding. Unrestricted
sliding can only occur once a fracture of the steel retention dowels occurs. One would be
tempted to defined the fracture of the steel dowels as a slight damage state but this is not a
practical definition. It is difficult, if not impossible, for a bridge inspector to recognize this
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fracture or to differentiate between the fixed and expansion bearings. For this reason, the
limit states for the fixed and expansion elastomeric bearings, in both the longitudinal and
transverse directions, are assumed to be the same.
A deformation of 30 mm is assumed to be the median deformation for slight damage.
This degree of deformation would be noticeable yet would likely not cause much in the
way of closure. A deformation of 100 mm may require that the deck be realigned and also
implies possible dowel fracture. Thus, this is assumed as the moderate damage state. At a
deformation of 150 mm dowel fracture is assured and would likely require some degree of
repair (girder retention) in addition to deck realignment, resulting in an extensive damage
state. Finally, the elastomeric bearings have the same unseating problem as do the steel
bearings and thus warrant a deformation for the complete damage limit state to be 255 mm.
8.2.1.3 Columns
There are a number of different metrics which are available for defining the limit states of
the reinforced concrete columns. These metrics include drift, displacement ductility (µ∆)
and curvature ductility (µφ). As mentioned previously, the metric chosen for this study is
curvature ductility which is defined in Equation 5.2 as the maximum realized curvature
divided by the yield curvature or curvature at yield of the outer most steel reinforcing bar.
The detailing for the typical reinforced concrete column in the Central and Southeastern
United States (CSUS) results in columns which have poorly confined longitudinal steel and
also have lap splices located in the plastic hinge zones. Hwang et al. (2000) proposed limit
states, in terms of displacement ductilities, of 1.0, 1.2, 1.76 and 4.76 which correspond to
yield, cracking, spalling and reinforcement buckling, respectively. It is pointed out in the
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Seismic Retrofitting Manual for Highway Bridges(FHWA, 1995b) that, for poorly confined
columns, longitudinal steel will buckle at a displacement ductility of 3.0 and is thus the
value chosen for use in this study.
The limit states defined are given in terms of displacement ductilities and must be trans-
lated into equivalent curvature ductilities. This conversion between ductility levels is pro-
vided by FHWA (1995b) in Equation 8.3






Wherel is the length of the column andlp is the length of the plastic hinge calculated by
Equation 8.4.
lp = (0.08)l + 9db (8.4)
Wheredb is the diameter of the longitudinal reinforcement.
Using the mean column height, as determined from the inventory analysis in Chapter
4, anddb of 25.4 mm, the new curvature ductility limit states are calculated. The limit
states are calculated to be 1.0, 1.58, 3.22 and 6.84 for the slight, moderate, extensive and
complete damage states respectively.
8.2.1.4 Abutments
Following the recommendations of Choi (2002), the limit states for the abutment in active
action are assumed to occur at 4 mm, 8 mm, 25 mm and 50 mm. These values corre-
spond to the point of half of first yield, first yield, ultimate deformation and twice ultimate
deformation respectively. These values are better understood by examining Figure C-37.
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8.2.2 Uncertainty in Prescriptive Approach
In this study, the capacities or limit states of the various bridge components are assumed
to follow a lognormal distribution. In Table 8-2 the median values used for each of the
respective distributions are given. There is also uncertainty associated with each median
which must be defined. This uncertainty is given in the form of a lognormal standard
deviation or dispersion (βprescriptive).
When enough information is not available for the assessment of the dispersion for each
limit state, it is still beneficial to account for some degree of uncertainty. The assignment
of this uncertainty can be assumed in a subjective manner. Estimates of the coefficient
of variation (COV) are made for the four different limit states. The COV is assumed to
be smaller for the slight and moderate limit states than for the extensive and complete
damage states. In this study, the COV for the two lower limit states (COVslight, COVmoderate)
and the two higher limit states (COVextensive, COVcomplete) are assumed to be 0.25 and 0.5
respectively. The dispersion for a lognormal distribution is calculated by Equation 8.5. The
prescriptive dispersions (βprescriptive) are calculated to be 0.25 for the two lower limit states









Another approach to estimating the limit states for various bridge components is to take a
descriptive approach. This is to describe the limits that bridge inspectors/officials would
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place on a bridge if they observed various levels of damage. This may be a more subjective
approach but arguably may better represent what really happens following an earthquake.
A survey was designed and conducted by Padgett and DesRoches (2005) where bridge
inspectors and officials were asked to describe the functionality timeline of a bridge for
different levels of component damage. This survey was designed to elicit information per-
taining to the relationship between bridge component damage and bridge functionality as a
function of time. Some of the results from this survey are used in this study to help define
appropriate limit states.
The survey respondents were asked to assign a functionality level (0%, 50% and 100%)
for a bridge over discrete times (0 days, 1 day, 3 days, 7 days and 30 days) given certain ob-
servable conditions of the bridge components. For example, for the case where the bridge
columns have observed cracking, the respondents indicated the functional level of the
bridge. To facilitate the distillation of the responses, limit states in terms of bridge restora-
tion were defined. Attempting to approximate the same restoration functions adopted by
HAZUS-MH (see Figure 8-1), the limit states for the survey data were defined as they are
presented in Figure 8-2.
Following these limit states, the responses of 28 bridge inspectors/officials from the
CSUS are summarized for five different bridge conditions. Tables 8-3 through 8-7 show
estimates of the percentiles of the cumulative distribution functions for the four limit states.
8.2.3.1 Mapping of Survey Results
The mapping of these results into response quantities measured by the analytical bridge



























Figure 8-2: Survey - Bridge Functionality Restoration Curves.
Table 8-3: Survey Results for Longitudinal Offset at Expansion Joints (Padgett and
DesRoches, 2005).
P[Limit State |∆]
Damage (∆), mm Slight Moderate Extensive Complete
∆ ≤ 25.4 0.179 0.000 0.000 0.000
25.4 < ∆ ≤ 152.4 0.893 0.250 0.143 0.143
∆ > 152.4 1.000 0.750 0.643 0.536
Table 8-4: Survey Results for Transverse Offset at Expansion Joints (Padgett and
DesRoches, 2005).
P[Limit State |∆]
Damage (∆), mm Slight Moderate Extensive Complete
∆ ≤ 25.4 0.321 0.036 0.000 0.000
25.4 < ∆ ≤ 152.4 0.750 0.429 0.214 0.107
∆ > 152.4 0.929 0.714 0.536 0.464
Table 8-5: Survey Results for Settlement at Bridge Approach (Padgett and DesRoches,
2005).
P[Limit State |∆]
Damage (∆), mm Slight Moderate Extensive Complete
∆ ≤ 25.4 0.286 0.036 0.036 0.036
25.4 < ∆ ≤ 152.4 0.889 0.148 0.000 0.000
∆ > 152.4 1.000 0.464 0.214 0.071
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Table 8-6: Survey Results for Column Conditions (Padgett and DesRoches, 2005).
Ductility P[Limit State |µphi]
Damage µphi Slight Moderate Extensive Complete
Cracking 1.58 0.519 0.185 0.148 0.148
Spalling 3.22 0.929 0.607 0.286 0.250
Reinforcement Buckling 6.84 0.964 0.929 0.786 0.750
Table 8-7: Survey Results for Abutment Conditions (Padgett and DesRoches, 2005).
P[Limit State | Condition]
Damage Slight Moderate Extensive Complete
Cracking 0.536 0.071 0.036 0.000
Spalling/Rotation 0.821 0.393 0.250 0.107
to assign a representative value. For the case where∆ ≤ 25.4 mm, the representative value
is chosen to be 12.7 mm. For the other two ranges the values of 76.2 mm and 152.4 mm
are chosen respectively.
The longitudinal offset at the expansion joints is assumed to be equivalent to the longi-
tudinal deformation of the steel rocker bearings, steel sliding bearing and the elastomeric
bearings (both fixed and expansion). The transverse off t at the expansion joint is assumed
to be equivalent to the transverse deformation of the elastomeric bearings. Because of the
physical nature of the steel fixed bearings there is no appropriate mapping provided by the
survey results.
The mapping at the abutments is a little more difficult. In this study, the assumption
is made that the settlement at the approach can be related to the active deformation of the
abutment. Seed and Whitman (1970) showed that under dynamic loads, the soils behind
retaining structures, such as abutments, will fail on a plane of approximately 35 degrees
from horizontal. Using this finding, the vertical settlement of the soils is related to the
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horizontal active displacement of of the abutment. The resulting values are presented in
Table 8-8.
Table 8-8: Longitudinal Active Abutment Deformations Correlated to Approach Settle-
ment.
Approach Active




The mapping of the passive action of the abutments to a longitudinal displacement is
facilitated by the work performed by Maroney et al. (1994). In their study, they found that
for every 25.4 mm of passive displacement of the top of the abutment, it also rotates 0.008
radians. It is assumed that an inspector would not be able to see a rotation in the abutment
until it reaches 0.03 radians. This then corresponds to a longitudinal deformation of 146
mm which is set to be equal to moderate damage (see Table 8-7). The onset of cracking
is assumed to occur at the second yield point, as seen in Figure C-35, which is equivalent
to 37 mm. This is then set to be equivalent to the slight damage state. The data from the
respondents indicates their belief that it is unlikely to achieve an extensive or complete
damage state due to abutment deformation (see Table 8-7). Therefore, only the two lower
limit states are used with an assumed dispersion of 0.46.
Column ductilities are assigned to each of the descriptive damage states listed in the
survey. This study used the mapping presented in Table 8-6.
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8.2.4 Bayesian Update of Limit States
As seen, there are two sources of information pertaining to the bridge component limit
states, physics based and survey based. Therefore, it is desired that the both sets of in-
formation be used in setting the limit states for this study. A Bayesian approach is an
appropriate way of handling this task.
Bayesian theory allows one to update an assumed probability distribution whenever
additional information is acquired. The underlying concept is shown by Bayes’ Theorem
which is given in Equation 8.6.
P[Bi |A] = P[A|Bi]P[Bi]∑n
j=1 P[A|Bi]P[Bi]
(8.6)
whereA is the new information obtained andBi is the updated information. A more thor-
ough presentation of the Bayesian approach, as it is implemented in this study, is given
in the work by Mosleh and Apostolakis (1986). In essence, they presented a way to get
updated probability distributions (limit state distributions) when one is provided with per-
centile values from a group of experts. For the sake of brevity, a brief description of the
exact process/formulae used in this study is given in Appendix F. What results from their
methodology is a new distribution which incorporates the information from the physics
based approach with the information from the survey results. As an example, Figure 8-3
shows the results of this procedure for the columns under a moderate damage state.
Following this procedure, the limit states for the columns, expansion bearings, elas-
tomeric bearings and abutments are modified. The median (Sc) and dispersion (βc) values
for the limit states used in this study are presented in Table 8-9.
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Table 8-9: Bayesian Updated Limit States for Bridge Components.
Slight Moderate Extensive Complete
Component med disp med disp med disp med disp
Concrete Column (µφ) 1.29 0.59 2.10 0.51 3.52 0.64 5.24 0.65
High-Steel Bearing Fixed-
Long (mm)
6.0 0.25 20.0 0.25 40.0 0.47 186.6 0.65
High-Steel Bearing Fixed-
Tran (mm)
6.0 0.25 20.0 0.25 40.0 0.47 186.6 0.65
High-Steel Bearing Rocker-
Long (mm)
37.4 0.60 104.2 0.55 136.1 0.59 186.6 0.65
High-Steel Bearing Rocker-
Tran (mm)
6.0 0.25 20.0 0.25 40.0 0.47 186.6 0.65
Low-Steel Bearing Fixed-
Long (mm)
6.0 0.25 20.0 0.25 40.0 0.47 186.6 0.65
Low-Steel Bearing Fixed-
Tran (mm)
6.0 0.25 20.0 0.25 40.0 0.47 186.6 0.65
Low-Steel Bearing Sliding-
Long (mm)
37.4 0.60 104.2 0.55 136.1 0.59 186.6 0.65
Low-Steel Bearing Sliding-
Tran (mm)
6.0 0.25 20.0 0.25 40.0 0.47 186.6 0.65
Elastomeric Bearing Fixed-
Long (mm)
28.9 0.60 104.2 0.55 136.1 0.59 186.6 0.65
Elastomeric Bearing Fixed-
Tran (mm)
28.8 0.79 90.9 0.68 142.2 0.73 195.0 0.66
Elastomeric Bearing Expan-
Long (mm)
28.9 0.60 104.2 0.55 136.1 0.59 186.6 0.65
Elastomeric Bearing Expan-
Tran (mm)
28.8 0.79 90.9 0.68 142.2 0.73 195.0 0.66
Abutment-Passive (mm) 37.0 0.46 146.0 0.46 N/A N/A N/A N/A
Abutment-Active (mm) 9.8 0.70 37.9 0.90 77.2 0.85 N/A N/A
Abutment-Tran (mm) 9.8 0.70 37.9 0.90 77.2 0.85 N/A N/A
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Physics
Figure 8-3: Bayesian Updating of Distribution of Moderate Damage State for Columns.
8.3 Bridge Component Fragility Curves
With the probabilistic seismic demand models developed in Chapter 7 and the limit state
models developed in the previous section, it is now necessary and possible to generate the
fragilities for each of the bridge components. This is done in closed form using Equation
8.2, whereSd is the median of the demand andSc is the median of the chosen limit state.
Following a similar equation manipulation as was done in Equation 7.5, Equation 8.2 can
be rewritten as Equation 8.7 for use as component fragilities.











and is defined as the median value of the intensity measure
for the chosen limit state (LS){slight, moderate, extensive, complete}, a and b are the
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The component fragility curves for all nine bridge types are generated and presented in
tabular form in Appendix G. Based on the findings of Chapter 7, the fragility curves are
generated for the case where PGA is the intensity measure. Although they have no practical
application for a region wide analysis, the fragility curves which utilize the spectral accel-
eration at the geometric mean of the bridge’s first two periods (Sa−gm), are also presented
for completeness. This is to provide some basis for comparison and further motivation for
the selection of PGA as the appropriate intensity measure.
The component fragility curves do provide information about the components which
are most susceptible to ground shaking. For example, Figure 8-4 shows the fragility curves
for five components of the MSSS Steel girder bridge subjected to the Rix and Fernandez
ground motions. The fragility curves are provided for two limit states (slight, extensive) to
illustrate the component screening. As seen, the steel expansion and fixed bearings appear
to be the most vulnerable components of this bridge type at the slight damage state. The
columns are the next most vulnerable component followed by the transverse response of
the bearings. The abutments are not shown in the figure to facilitate clarity but examination
of Table G-29 shows the abutments to be the least vulnerable components. This trend also
holds for the extensive damage state as seen in Figure 8-4(a).
8.4 Bridge Fragility Curves for As-Built Bridges
As mentioned in Chapter 7, component fragility curves are useful only to the extent that












Figure 8-4: Fragility Curves for Select Components of the MSSS Steel Girder Bridge
Using Rix Ground Motions (a) Slight Damage (b) Extensive Damage.
choosing appropriate retrofit strategies. It is necessary, however, that system (bridge) wide
fragilities be provided for use in loss estimation packages. The following sections propose
a method for generating system fragilities using joint probabilistic seismic demand models
and then present the bridge system fragilities derived in this study.
8.4.1 Combining Component Fragility Curves
One method for creating system level fragility curves is to use the seismic demand models
developed for the various bridge components – as developed in 7. These models can then
be convolved with the individual component limit state distributions.
As shown in Figure 8-5, once the nth order joint probability density function, that de-
scribes the probabilistic seismic demand on the bridge is obtained, one must integrate it
over all possible failure domains – domains which describe the designated limit states.
This integration will result in the probability of failure for that particular system at a given
value of the intensity measure. Depending on the complexity of the system and the number
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of possible failure domains, performing this integration in closed form can be troublesome
if not impossible. Another possibility is to perform this integration using numerical tech-
niques. One particularly straight forward and simple numerical technique available for this




P[Fj] P[Fj U F ]j
Joint Probability
Density Function
Figure 8-5: Bi-Variate Joint Probability Density Function Integrated Over All Failure Do-
mains.
Monte Carlo simulation is a process in whichN random samples are generated from
the subject probability distributions. This is done for both the demand side and the capacity
side. The paired realizations of these distributions are compared and evaluated for failure.
Tracking of the system failure is accomplished through the use of an indicator function. The





1 if (xi , xj) ∈ Fi j
0 if (xi , xj) < Fi j
(8.8)
wherexi andxj are realizations of thei th and j th distributions and Fi j is defined by thei th
and j th limit state.
The probability of being in the selected limit at a given value of the intensity measure
(P[LS|IM = a]), is estimated by Equation 8.9





This numerical integration scheme is carried out for a reasonable range of the selected
IM. The resulting probabilities are recognized as approximations to the CDF of the under-
lying distribution. Therefore, a simple linear regression is carried out to estimate the two
parameters of the lognormal distribution. The resulting form matches that of Equation 8.7.
An illustration of the creation of the CDF is given in Figure 8-6. An example of component
and system fragility curves is given in Figure 8-7. This illustration is provided to show
that the system as a whole is more fragile than any single component and thus justifies the
procedures followed in this study.
An important note about the sampling of the demand and capacity distributions must be
made. The correlation between the demands placed on the various bridge components must
be incorporated into the sampling, as pointed out in Chapter 7. However, one must also
take care when sampling on the four limit states for any given component. The numerical
samples for each limit state must rank in the same order as their underlying limit states. This










Figure 8-6: Illustration of Probability Distribution Estimation.
PGA (g)
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Bridge
Figure 8-7: Component and System Fragility Curves for MSSS Steel Girder Bridge with
Slight Damage.
229
This condition is simply accomplished by enforcing a 100 percent correlation between the
limit states of a particular component.
8.4.2 Ground Motion Dependent Bridge System Fragility Curves
Following the methodology laid out in the previous section, the bridge system fragility
curves are generated for the nine classes of bridges considered in this study. The fragility
curves are presented for two different intensity measures (PGA,Sa−gm) and for two different
ground motion suites (Rix, Wen). Tables 8-10 and 8-11 present the median PGAs and
dispersions (βcomp) for the Rix and Wen ground motion suites respectively. Tables 8-12 and
8-13 give the same information forSa−gm as the intensity measure.
Table 8-10: System Fragilities for Nine Bridge Types – PGA (Rix).
Slight Moderate Extensive Complete
Bridge Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
MSC Concrete 0.13 0.91 0.53 0.69 0.75 0.68 1.04 0.71
MSC Slab 0.21 0.75 0.65 0.81 1.24 0.78 3.92 0.80
MSC Steel 0.14 0.50 0.25 0.45 0.32 0.48 0.40 0.49
MSSS Concrete 0.19 0.68 0.57 0.62 0.83 0.65 1.18 0.68
MSSS Concrete-Bx 0.26 0.77 0.80 0.80 1.49 0.80 3.27 0.83
MSSS Slab 0.19 0.81 0.54 0.79 1.00 0.78 2.40 0.81
MSSS Steel 0.21 0.49 0.39 0.45 0.50 0.47 0.70 0.51
SS Concrete 1.13 1.03 5.54 1.13 a99.00 0.00 a99.00 0.00
SS Steel 0.72 0.62 1.35 0.61 1.79 0.60 2.61 0.57
a Estimated medians larger than 6.0 g are reported as 99.00 as estimates this far beyond
the regression limits have little meaning.
A closer look at the specific numbers presented in these tables is conducted in later
sections. It is first necessary to look at some of the factors which affect these fragility
curves before a final set of fragility curves is proposed.
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Table 8-11: System Fragilities for Nine Bridge Types – PGA (Wen).
Slight Moderate Extensive Complete
Bridge Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
MSC Concrete 0.17 0.75 0.53 0.65 0.74 0.62 0.99 0.62
MSC Slab 0.15 0.65 0.37 0.69 0.60 0.65 1.37 0.65
MSC Steel 0.24 0.53 0.41 0.49 0.51 0.52 0.63 0.53
MSSS Concrete 0.22 0.77 0.70 0.73 1.01 0.72 1.40 0.73
MSSS Concrete-Bx 0.19 0.74 0.59 0.80 1.14 0.79 3.51 0.82
MSSS Slab 0.16 0.76 0.48 0.72 0.84 0.68 1.58 0.60
MSSS Steel 0.27 0.49 0.51 0.43 0.66 0.46 1.00 0.50
SS Concrete 0.35 0.85 1.33 0.86 1.83 0.87 2.50 0.90
SS Steel 0.56 0.61 1.02 0.61 1.37 0.62 2.57 0.62
Table 8-12: System Fragilities for Nine Bridge Types –Sa−gm (Rix).
Slight Moderate Extensive Complete
Bridge Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
MSC Concrete 0.28 0.88 1.08 0.69 1.55 0.70 2.16 0.69
MSC Slab 0.37 0.65 0.99 0.71 1.74 0.69 4.59 0.72
MSC Steel 0.29 0.62 0.53 0.57 0.67 0.60 0.86 0.64
MSSS Concrete 0.39 0.64 1.08 0.59 1.55 0.62 2.14 0.64
MSSS Concrete-Bx 0.42 0.60 1.09 0.61 1.83 0.61 3.62 0.62
MSSS Slab 0.35 0.67 0.95 0.70 1.67 0.69 3.70 0.72
MSSS Steel 0.38 0.52 0.70 0.48 0.88 0.50 1.27 0.57
SS Concrete 1.64 0.79 6.30 0.84 99.00 0.00 99.00 0.00
SS Steel 0.97 0.50 1.70 0.49 2.22 0.50 3.34 0.47
Table 8-13: System Fragilities for Nine Bridge Types –Sa−gm (Wen).
Slight Moderate Extensive Complete
Bridge Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
MSC Concrete 0.13 1.12 0.82 1.06 1.52 1.05 2.65 1.05
MSC Slab 0.19 0.87 0.68 0.92 1.37 0.89 4.00 0.84
MSC Steel 0.26 0.88 0.69 0.84 1.02 0.86 1.51 0.87
MSSS Concrete 0.18 1.12 1.22 1.10 2.21 1.11 3.79 1.12
MSSS Concrete-Bx 0.27 1.09 1.52 1.21 3.81 1.18 99.00 0.00
MSSS Slab 0.19 1.13 1.01 1.10 2.23 1.03 5.04 0.80
MSSS Steel 0.44 0.66 1.16 0.61 1.70 0.65 3.27 0.70
SS Concrete 0.59 1.67 6.18 1.64 99.00 0.00 99.00 0.00
SS Steel 2.07 1.47 6.29 1.46 99.00 0.00 99.00 0.00
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8.5 Impact of Ground Motion Suite on Fragility Curves
The analytical approach to generating seismic fragility curves using nonlinear time history
analysis requires the assembly of a suite of ground motions appropriate for the region.
As outlined in Chapter 3, two suites of synthetic ground motions were assembled for the
CSUS. Ideally, one would hope that the fragility curves derived from each suite of ground
motions would be nominally identical. However, the fragility curve estimates appear to be
dependent on the ground motion suite selected. Figure 8-8 compares the medians of the
system fragility curves for four representative bridges subjected to the two different ground
motion suites where the IM of choice is PGA. Table 8-14 presents the percent difference
between the medians.
Table 8-14: Percent Difference of Fragility Medians Derived From Different Ground Mo-
tion Suites.
Percent Difference
Damage State MSC Concrete MSC Steel MSSS Concrete MSSS Steel
Slight 24% 42% 14% 22%
Moderate 0% 39% 19% 24%
Extensive 1% 37% 18% 24%
Complete 5% 37% 16% 30%
It is seen for the MSC Concrete girder bridge that there is relatively little diff rence in
the calculated medians. The slight damage state for this bridge shows a difference of 24
percent, yet five percent is the largest difference for the other three damage states. This
apparent matching of medians does not hold for the other three bridge types highlighted in
Table 8-14. The differences between the medians of the MSSS Concrete and MSSS Steel
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Figure 8-8: Median Values of Fragility Curves Which are Ground Motion Specific (a)
MSC Concrete (b) MSSS Concrete (c) MSC Steel (d) MSSS Steel.
233
bridges are around 20 to 25 percent while the differences for the MSC Steel bridge are even
larger ranging from 37 to 42 percent. One may notice that these percent differences are
even larger whenSa−gm is selected as the intensity measure. Thus, another motivation for
using PGA is discovered.
With the observed dependence of fragility curves on the selected ground motion suite,
one may ask which of the fragility curves in Tables 8-10 through 8-11 is correct. There
is no evidence that would show preference of one set of fragility curves over another, thus
making each set equally plausible. Therefore, it is proposed, that for the this study, both
sets of fragility curves be combined to create a new set. In this way the influence of both
sets of ground motions is incorporated.
8.5.1 Fragility Curve Combination
The effects of both suites of ground motions can be incorporated in a number of different
ways. One may go back and modify the the probabilistic seismic demand models and
then re-derive the fragility curves or one may combine the current system fragility curves
directly. A method which follows the latter option is adopted in this study. A method
looking at relative entropy (Kullback-Leibler-information) was introduced by Pulkkinen
(1993). They showed that for N two-parameter lognormal distributions of equal weight,



























wherexm−i is the median value for thei th distribution,ζi is the logarithmic standard devia-
tion of thei th distribution,xm−agg andζagg is the median and lognormal standard deviation of
the aggregated distribution respectively. This method is implemented to aggregate the dis-
tributions from the two ground motion suites which results in the fragility curves presented
in Tables 8-15 and 8-16. It should be noted that the fragility curves for the SS Concrete
bridge are the same values as those for the Wen ground motions. This is because those
derived from the Rix suite appear to be unreasonable.
Table 8-15: System Fragilities for Nine Bridge Types – PGA (Combined).
Slight Moderate Extensive Complete
Bridge Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
MSC Concrete 0.16 0.81 0.53 0.67 0.75 0.65 1.01 0.66
MSC Slab 0.17 0.70 0.49 0.74 0.86 0.70 2.39 0.71
MSC Steel 0.19 0.51 0.32 0.47 0.41 0.50 0.51 0.51
MSSS Concrete 0.20 0.72 0.63 0.67 0.91 0.68 1.28 0.70
MSSS Concrete-Bx 0.22 0.76 0.69 0.80 1.31 0.79 3.39 0.82
MSSS Slab 0.17 0.79 0.51 0.76 0.91 0.72 1.87 0.68
MSSS Steel 0.24 0.49 0.45 0.44 0.58 0.47 0.85 0.50
SS Concrete 0.35 0.85 1.33 0.86 1.83 0.87 2.50 0.90
SS Steel 0.64 0.61 1.19 0.61 1.59 0.61 2.59 0.59
8.5.2 Proposed Bridge Fragility Curves
Looking at the bridge fragility curves in HAZUS, one may notice that only one dispersion
is given for all damage states for all bridges (FEMA, 2003). The motivation is to simplify
the dissemination of information. After looking at the dispersions listed in Tables 8-15
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Table 8-16: System Fragilities for Nine Bridge Types –Sa−gm (Combined).
Slight Moderate Extensive Complete
Bridge Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
MSC Concrete 0.22 0.98 1.00 0.82 1.54 0.82 2.31 0.82
MSC Slab 0.30 0.73 0.88 0.80 1.60 0.77 4.34 0.77
MSC Steel 0.28 0.71 0.58 0.67 0.79 0.69 1.09 0.73
MSSS Concrete 0.34 0.79 1.11 0.73 1.71 0.76 2.55 0.79
MSSS Concrete-Bx 0.38 0.74 1.18 0.77 2.25 0.77 6.86 0.82
MSSS Slab 0.31 0.81 0.97 0.84 1.84 0.81 4.30 0.76
MSSS Steel 0.41 0.57 0.87 0.53 1.18 0.56 2.07 0.63
SS Concrete 1.45 1.01 6.28 1.05 99.00 0.00 99.00 0.00
SS Steel 1.09 0.67 2.17 0.66 3.17 0.66 6.65 0.65
and 8-16, it is determined that this simplification is justified for each bridge. For example,
the dispersions for the MSC Slab bridge for the slight through complete damage are cal-
culated to be 0.70, 0.74, 0.70 and 0.71 respectively. Therefore, it is reasonable to assign a
dispersion of 0.70 to all damage states of the MSC Slab bridge. Unlike HAZUS, this sim-
plification does not appear to be appropriate going from one bridge type to another. The
final proposed fragility curves for all nine bridge types, using PGA as the IM, are given in
Table 8-17. The plots of these curves are subsequently given in Figures 8-9 through 8-11.
Table 8-17: Final Proposed System Fragilities for Nine Bridge Types –PGA.
Median PGA Values (g)
Bridge Slight Moderate Extensive Complete Dispersion
MSC Concrete 0.16 0.53 0.75 1.01 0.7
MSC Slab 0.17 0.49 0.86 2.39 0.7
MSC Steel 0.19 0.32 0.41 0.51 0.5
MSSS Concrete 0.2 0.63 0.91 1.28 0.7
MSSS Concrete-Bx 0.22 0.69 1.31 3.39 0.8
MSSS Slab 0.17 0.51 0.91 1.87 0.8
MSSS Steel 0.24 0.45 0.58 0.85 0.5
SS Concrete 0.35 1.33 1.83 2.5 0.9
SS Steel 0.64 1.19 1.59 2.59 0.6
236











































































Figure 8-9: Proposed Fragility Curves for Three Multi-Span Continuous Bridge Classes
(a) MSC Concrete (b) MSC Slab (c) MSC Steel.
The single span bridges appear to be the least vulnerable of all the bridge types con-
sidered. This appears to be the findings of other researchers as well (Basoz and Kiremid-
jian, 1999; Choi, 2002). A more complete comparison is facilitated by looking at just the
medians of the various bridge types. Figure 8-12 compares the median values of all the
multi-span bridges at each damage state.
Clearly in Figure 8-12, it is seen that the MSC Steel girder bridge is the most vulnerable
of all bridge types. The columns and the steel rocker bearings appear to be the cause of this
phenomenon. The deterministic response of the MSC Steel girder bridge, as discussed in
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Figure 8-10: Proposed Fragility Curves for Four Multi-Span Simply Supported Bridge
Classes (a) MSSS Concrete (b) MSSS Concrete-Box (c) MSSS Slab (d) MSSS Steel.


















































Figure 8-11: Proposed Fragility Curves for Two Single Span Bridge Classes (a) SS Con-
crete (b) SS Steel.
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Figure 8-12: Comparison of Median PGA Values for Multi-Span Bridge Fragilities.
Chapter 5, showed that the majority of the longitudinal displacement of the bridge decks
was due to deformation in these two components.
The second most fragile bridge is the MSSS Steel girder bridge. Once again the steel
bearings – both fixed and rocker – influence the system fragility the most, followed closely
by the columns. This trend with the steel bearings is expected because past experience has
shown the steel bearings to be highly susceptible to seismic damage (Mander et al., 1996).
The MSC Concrete, MSC Slab and MSSS Slab bridges have very similar fragilities
for the first two damage states. At the extensive and especially for the complete damage
state, the slab bridges appear to be less vulnerable than the continuous concrete bridge.
This phenomenon is due largely to the nature of the elastomeric bearings which are used.
For the slab bridges and also the concrete-box girder bridge, very large thin elastomeric
239
pads are used, giving them large stiffnesses. The effect this has is to place the deformation
demand on the abutments and the columns instead of the bearings thereby reducing the
possibility of unseating.
8.6 Fragility Curve Comparison
In this section the fragility curves proposed as part of this study are compared with data
from two sources. The first comparison conducted is with the fragility curves currently
used by HAZUS. The second comparison is to empirical fragility curves developed from
bridge damage resulting from the 1994 Northridge earthquake.
8.6.1 HAZUS Fragility Curve Comparison
The fragility curves which are currently used in HAZUS-MH were developed using the
nonlinear static methodology discussed in Chapter 2. The underlying work for these fragility
curves is presented in the work by Mander and Basoz (1999). These fragility curves were
developed such that the information out of the National Bridge Inventory is all that is re-
quired for evaluation. The motivation is the recognition that any additional information for
the bridges in a region would be very difficult to obtain. Thus, as with the fragility curves
developed in this study, HAZUS’ fragility curves are not applicable to a single bridge. The
intent is that they be used for suites of bridges.
It is interesting to note that when the work is presented by Mander and Basoz (1999), the
fragility curves are given in terms of median PGA. However, the same values are reported
as median spectral accelerations at one second (Sa−1) in HAZUS (FEMA, 2003). The
motive behind this shift is not altogether clear but is likely based on an assumption that the
PGA is an approximation of theSa−1.
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The recommended dispersion values for all bridges, in the work by Mander and Basoz
(1999), is 0.6 but this is changed to 0.4 in HAZUS (FEMA, 2003). It is believed that
this adjustment is based on the belief that spectral intensity measures tend to reduce the
dispersion. However as was already shown in Chapter 7 this is not necessarily the case
when suites of bridges with varying periods are considered. The range of the dispersions
developed in this study range from 0.5 to 0.9 with the majority being 0.7. In general, these
dispersions are larger if spectral intensity measures are used. Hence, this supports more
strongly the dispersion of 0.6 as was originally published.
The actual comparisons performed here are given in terms of the median PGA values.
Table 8-18 shows the median values of the fragility curves from this study along with the
fragility curves from Mander/HAZUS which are adjusted to represent three span bridges
(see (Mander and Basoz, 1999)).
Graphical representations of the median comparisons for all nine sets of fragility curves
are presented in Figures 8-13 through 8-15. Some obvious trends that are recognized from
these figures is that the proposed fragility curves for the continuous span bridges are consis-
tently more fragile than those proposed by HAZUS. However, in the case of the multi-span
simply supported bridges, the HAZUS curves are consistently more fragile than the pro-
posed curves. This trend seems to hold for the single span bridges as well.
The median values for the MSSS Steel girder bridge appear to compare the best, as
seen in Figure 8-14(d). One of the reasons there is a discrepancy for the other MSSS
bridge types, is that HAZUS assigns the same set of fragility curves to all MSSS bridges,
regardless of their construction material. It is seen in Figure 8-14(a) that the concrete
version of this bridge is less vulnerable than the steel one. This is largely due to the known
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Table 8-18: Median Values of Proposed and HAZUS Fragility Curves – PGA.
Median PGA Values (g)
Bridge Source Slight Moderate Extensive Complete
MSC Concrete
Proposed 0.16 0.53 0.75 1.01
HAZUS 0.60 0.88 1.17 1.53
MSC Slab
Proposed 0.17 0.49 0.86 2.39
HAZUS 0.60 0.88 1.17 1.53
MSC Steel
Proposed 0.19 0.32 0.41 0.51
HAZUS 0.76 0.77 0.77 1.06
MSSS Concrete
Proposed 0.20 0.63 0.91 1.28
HAZUS 0.26 0.39 0.50 0.73
MSSS Concrete-Box
Proposed 0.22 0.69 1.31 3.39
HAZUS 0.26 0.39 0.50 0.73
MSSS Slab
Proposed 0.17 0.51 0.91 1.87
HAZUS 0.26 0.39 0.50 0.73
MSSS Steel
Proposed 0.24 0.45 0.58 0.85
HAZUS 0.26 0.39 0.48 0.72
SS Concrete
Proposed 0.35 1.33 1.83 2.50
HAZUS 0.80 0.90 1.10 1.60
SS Steel
Proposed 0.64 1.19 1.59 2.59
HAZUS 0.80 0.90 1.10 1.60
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Figure 8-13: Median Comparison of Proposed and HAZUS Fragility Curves for Multi-
Span Continuous Bridge Classes.
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Figure 8-14: Median Comparison of Proposed and HAZUS Fragility Curves for Multi-
Span Simply Supported Bridge Classes.




































Figure 8-15: Median Comparison of Proposed and HAZUS Fragility Curves for Single
Span Bridge Classes.
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fragility of steel bearings. Looking at the concrete-box and slab bridges it is seen that the
blanket fragility assigned by HAZUS is even less appropriate. Once again the largest factor
for this difference is the types of bearings used in these bridge types.
As pointed out for the continuous span bridges, the proposed fragility curves are more
fragile than those from HAZUS. The general cause for this discrepancy is with the re-
sponses of the concrete columns. The continuous nature of the bridges makes the super-
structure more stiff than their simply supported counterparts, which often places less de-
mand on the bearings. However, it is noticed in this study that the continuous nature of the
bridges cause an increase in the demand placed on the substructure, including the columns
and abutments. There are larger forces at the abutments due to pounding in these bridge
types which is unaccounted for in static procedures like those used for HAZUS.
8.6.2 Empirical Fragility Curves
When a set of analytical fragility curves is developed, it is useful to validate them using
damage data from previous earthquakes. This is most easily done by comparing the an-
alytical fragility curves with empirical fragility curves. Following the 1994 Northridge
California earthquake, Basoz and Kiremidjian (1997) compiled bridge damage data from
which they developed empirical fragility curves, the results of which are presented in Ta-
bles 8-19 and 8-20 for two PGA intensity maps. The nature of these fragility curves does
not lend itself to validation of the fragility curves proposed in this study – the reasoning
for which will be provided hereafter. However, a comparison of similar bridge types is

































































































































































































































































































































































































































































8.6.2.1 Northridge Bridge Damage
During the 1994 Northridge earthquake 233 bridges were damaged. Of these damaged
bridges, more than 85 percent of them were concrete bridges ranging from slab type to
pre-cast box girder type bridges. Approximately one-third of these damaged bridges were
seismically designed as per the post-1971 seismic codes. The damage states assigned to
these bridges varied widely depending on the inspector (Basoz and Kiremidjian, 1997).
As mentioned previously, these empirical fragility curves are believed to not be appro-
priate for validation of the fragility curves proposed in this study. Basoz and Kiremidjian
(1997) indicated that it is very difficult to get enough damaged bridges for each bridge
type in each intensity range, a problem which was also highlighted by Shinozuka (1998).
Therefore, bridge types must be aggregated to deal with this problem. For instance all
multi-span continuous bridges with monolithic abutments and multi-column bents were
aggregated. There was no discrimination regarding material type, thus treating steel, slab,
box and concrete bridges alike.
Other factors which make using these fragility curves difficult are as follows. The
empirical fragility curves are for California type bridges, whereas the proposed analytical
curves are specific to the inventory of the CSUS. Also, the number of spans, skew and
design consideration (seismic, non-seismic) is not clear for the empirical curves. However,
the proposed curves were generated for very specific cases which allow for implementation
in loss assessment programs.
Finally, there is a great degree of uncertainty pertaining to the actual PGA intensities
felt by each bridge. Two different shaking intensity maps were used. One came from the
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US Geological Survey (USGS) and the other came from Woodward-Clyde Federal Services
(WCFS). The highest PGA value at any site for any bridge was 1.55 g and 0.66 g for USGS
and WCFS respectively (Basoz and Kiremidjian, 1997). This disparity is significant and
makes it difficult to build confidence in the information.
8.6.2.2 Empirical and Proposed Fragility Curves Compared
In spite of the apparent disconnects between the two, the empirical fragility curves are
compared to the proposed analytical fragility curves. Figures 8-16, 8-17 and 8-18 compare
the median values of the MSC, MSSS and SS bridges respectively. The empirical curves
for each source of shaking intensity is provided. Once again, one may see the degree of
disagreement for the two sets of empirical curves. It should also be noted that the steel
type bridges are not compared because of their generalized absence in the damaged bridge
inventory.















MSC - WCFS 
MSC - USGS 
Figure 8-16: Median Comparison of Proposed and Empirical Northridge Fragility Curves
for MSC Bridge Classes.
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MSSS - WCFS 
MSSS - USGS 
Figure 8-17: Median Comparison of Proposed and Empirical Northridge Fragility Curves
for MSSS Bridge Classes.
Figure 8-16 shows that there is a relatively good agreement between the proposed MSC
concrete and slab bridges and the WCFS bridges for the Moderate and Extensive damage
states. For the slight damage state, both empirical curves show that the analytical curves
may over estimate the bridge fragilities.
In the case of the MSSS bridges, the second and third damage states appear to agree
well with the USGS fragility curves. Once again, the analytical fragility curves appear to
overestimate the fragility at slight damage and underestimate at complete damage.
For the SS Concrete bridge, both the USGS and WCFS give lower median values for the
moderate and extensive damage states. This is a very difficult result to interpret because
no knowledge is possessed pertaining to the inventory make-up of the damaged bridges.
One of the results of this study is a recognition that the shorter the length of a single span
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SS - WCFS 
SS - USGS 
Figure 8-18: Median Comparison of Proposed and Empirical Northridge Fragility Curves
for SS Bridge Classes.
bridge, the less vulnerable to ground shaking it becomes. The inventory of the CSUS shows
a tendency of span lengths to the shorter side and thus explains why the analytical results
show low vulnerabilities. The span length distribution for single span concrete bridges in
the California inventory is likely not the same and would result in different findings.
In general, the proposed fragility curves follow the general trend of the empirically
derived curves. This lends some measure of confidence to the curves developed in this
study.
8.7 Closure
In this Chapter, seismic fragility curves are generated for nine classes of bridges common
to the CSUS. These fragility curves are developed considering the entire inventory of the
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region and are therefore appropriate only on a regional scale. Applying them to a single
bridge is inappropriate because of the generalized bridge details required in this study.
These fragility curves were developed using the probabilistic seismic demand models
created in Chapter 7 and the limit states set forth in this chapter. Using Monte Carlo simula-
tion, the system (bridge) wide fragility were created by integrating over all failure domains
and including all components of each bridge. The most fragile bridge types appear to be the
steel bridges. This is largely due to the seismic vulnerability of the steel bearings used in
steel bridges. As suspected, the concrete columns also proved to be significant contributors
to the overall bridge fragilities.
In general, the continuous span bridges appear to be more fragile than their simply sup-
ported counter parts. This is somewhat surprising since pounding and unseating are larger
concerns in the simply supported bridges. A reasonable explanation for this phenomenon
is that the non-seismically detailed columns have a lot more demand placed on them in
continuous bridges. Also, pounding and unseating are still a problem in continuous bridges
but it is restricted to the regions around the abutments.
Of all the bridge types, the single span bridges appear to be the least vulnerable. This
is in agreement with the findings of other similar studies (Basoz and Kiremidjian, 1999;
Choi, 2002).
The following is a brief summary of the findings in this chapter.
• The selection of ground motion suite plays a significant role in the calculated fragility
values. One reason for this is the difference in frequency content of the ground
motion suites (see Chapter 3).
251
• HAZUS fragility curves compared well with the results of this study for the MSSS
Steel girder bridge type. For the other bridge types, HAZUS has either higher or
lower median values. It was noticed that this relationship depended on the selected
damage state. Also, the dispersions calculated in this study tend to be larger than
those assumed by HAZUS.
• The general trends of these fragility curves are consistent with the findings from the
1994 Northridge earthquake. Additional conclusions are difficult to draw because of
the courseness and variability of the earthquake damage records.
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CHAPTER IX
SUMMARY, CONCLUSIONS AND IMPACT
9.1 Summary and Conclusions
Prior to the 1990’s, little consideration was given to the seismic design and detailing of
highway bridges located in the Central and Southeastern United States (CSUS). This lack
of attention to seismic design was due to an underestimation of the seismic hazard in the
CSUS. Therefore, there are a large number of highway bridges that are vulnerable to seis-
mic loads. The main objective of this study was to assess these vulnerabilities using a prob-
abilistic framework. Considering both the uncertainty from the hazard and the uncertainty
from the capacity of the bridges, seismic fragility curves are developed. The approach used
in this study also considers the inherent variability present in each bridge class found in the
CSUS.
Other studies have been conducted which developed fragility curves for specific bridges
in the CSUS. However, none have treated the entire inventory in the region as was done in
this study. Furthermore, not only does this study present fragility curves for many typical
bridge classes, but also provides a customized frame work which may be used for further
investigation of other bridge types which include the effects of retrofit strategies.
One of the first tasks of this study was to assemble some representation of the seismic
hazard in the CSUS. This was accomplished through the compilation of two separate suites
of synthetic ground motions which are specific to the region. Unfortunately, each time
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history provided in the ground motion suites only contained a single component of the
representative ground motion. Since the work in this study utilized 3-D analytical models
it was required that each ground motion be represented by two orthogonal components.
Thus, a methodology was proposed and implemented to simulate correlated orthogonal
ground motion components from each existing time history.
The assembly of two time history suites allowed for the explicit investigation of the
effect of ground motion suite on calculated bridge fragilities. In this study, it was observed
that the ground motion suite used does indeed have a recognizable impact on the fragility
results. Although the amplitude spectra of the ground motions are believed to play a role
in this impact, it is believed that the content of the phase spectra is the major reason for
discrepancies. Giving equal weight to the significance of the two ground motion suites used
throughout this study, the eff cts of both were combined into composite bridge fragility
curves. While the two assembled suites of ground motions do not cover all of the CSUS,
they do contain some variability as to location, soil type/thickness, source models and
site amplification models. This type of variability helps to generalize the fragility curves
beyond a specific city.
The second major task of the study was to seek an understanding of the highway bridge
inventory in the CSUS. This was accomplished through a detailed analysis of the National
Bridge Inventory (NBI) database. It was determined that 88 percent of all highway bridges
in the region could be assigned to one of nine general bridge classes. The largest of these
bridge classes was found to be the multi-span simply supported concrete girder bridge
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class, which accounts for approximately 19 percent of all bridges. Other common types in-
clude continuous and single span concrete girder bridges and equivalent steel girder bridge
classes.
Using statistics of major geometric bridge descriptors, eight representative bridge con-
figurations were developed for each class. Some of these descriptors are span length,
deck width and column height. The eight representative bridge configurations were used
throughout the remainder of the study accounting for the uncertainty in the inventory.
Three dimensional analytical models of all nine bridge classes were developed. These
models were generated to incorporate a high degree of detail in the major bridge com-
ponents that would lend themselves to act as damage indicators. Deterministic analyses
indicated that the majority of the bridge classes were dominated by their fundamental lon-
gitudinal mode yet still showed some vulnerabilities under transverse loading.
An investigation of the predominant modeling parameters was carried out using a design-
of-experiments framework. The intent of this investigation was to ascertain the impact these
modeling parameters had on the response of the bridges and their components. Eight com-
ponent responses were monitored for each investigation. It was found that different mod-
eling parameters were deemed significant for the various monitored responses. However,
there appeared to be a few modeling parameters which had more of a consistent impact on
the seismic response of the subject bridges. These parameters include bearing stiffness and
friction, abutment stiffness, damping ratio, loading direction and geometric configuration.
This finding resulted in these parameters being treated probabilistically during the demand
assessment studies.
255
Seismic demands on each bridge class were quantified through the development of
probabilistic seismic demand models (PSDMs). The PSDM for each bridge class was
represented in the form of a joint probability distribution function (JPDF) which captures
the dependency that exists between the various components of the bridges. These JPDF
were developed using a number of different intensity measures which are used to quantify
the level of seismic excitation.
One question which has often arisen when developing PSDMs is which ground mo-
tion intensity measure should be used. For this reason, four different intensity measures
were considered. The intensity measures include peak ground acceleration (PGA), spec-
tral acceleration at the geometric mean of the fundamental period in each primary direc-
tion (Sa−gm), spectral acceleration at 0.2 seconds (Sa−02) and spectral acceleration at 1.0
seconds (Sa−1). Past studies have shown the spectral quantities are more ideal than non
spectral quantities. However, only a single bridge (structure) with a particular configura-
tion was used for these studies. It was found that when given an entire population of a
particular bridge class – with varying dynamic characteristics – PGA appeared to be the
most appropriate intensity measure.
The probabilistic seismic demand models were not enough to quantify the vulnerabil-
ities of the various bridges and their components. Not only must demand be known and
quantified but the capacities or the ability of the components to handle these demands must
be quantified. The capacities or limit states used in this study were derived from a com-
posite of experimental results, physics based assumptions and expert judgment relative to
operational impacts.
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Convolution of the demands and capacities resulted in the fragility functions of the
bridges and their individual components. The multi-span continuous steel girder bridge
appears to be the most fragile. This is primarily due to the vulnerability of steel bearings
and the large demands placed on inadequate concrete columns. The second most vulnerable
of the bridge types is the multi-span simply supported steel girder bridge, where once again
the fragility of the steel bearings is significant. This finding is not particularly surprising
since the vulnerable nature of the steel bearings has been known for some time (Mander
et al., 1996). The bridge types that appear to be the most seismically resistant are the single
span bridges. The vulnerabilities of the multi-span concrete bridges are typically not as
high as they are for the steel-type bridges. However, their vulnerabilities are generally
higher than those for the single span bridges.
Comparison of the proposed fragility curves with those developed for use in HAZUS-
MH showed that for multi-span continuous bridges, HAZUS underestimates the bridge
fragility. However, when simply supported bridges are considered, HAZUS overestimates
the fragility of the bridges. The same holds true for single span bridges as well. This
discrepancy is due in part to the generalized nature of HAZUS bridge classes. For example,
four of the bridge classes considered in this study would fall into one bridge class for
HAZUS. Another possible reason is that HAZUS used a static procedure for fragility curve
development, which does not account for all of the dynamic effects in the response.
9.2 Impact
A rigorous methodology was used for the quantification of highway bridge vulnerabilities
to seismic loading. This resulted in a number of significant contributions which include:
257
• Three-dimensional analytical models allowing for the study of the seismic response
of the most common bridge types in the Central and Southeastern US.
• A better understanding of the modeling parameters which affect the seismic response
of highway bridges, is provided. Two such parameters are the abutment stiff e ses
and the bearing stiffnesses. This understanding points to the areas/components which
should be further studied.
• The most significant contribution of this study is the development of seismic fragility
curves for bridge classes common to the Central and Southeastern United States.
These fragility curves, which assess the bridge seismic vulnerabilities, are provided
as a direct input into seismic loss assessment packages such as HAZUS-MH, REDARS
and MAEViz. This provides decision makers with some of the tools necessary to as-
sess and appropriately address the weaknesses of the nation’s transportation infras-
tructure.
9.3 Recommendations for Future Work
The work in the present study should be extended through additional research in the fol-
lowing areas:
• The effect of skew on the fragility of each bridge type should be investigated. HAZUS-
MH currently has an equation providing for the modification of fragility medians to
account for pier skew. This equation was developed based on static analyses and
thus warrants a more thorough investigation and validation using dynamic analyses.
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With 3-D bridge models already developed, incorporating the eff cts of skew is a
straightforward modification to make.
• The effects of the number of spans a bridge has on its fragility should be investi-
gated. The current study focused on three span bridges, as they are the most likely to
occur. However, there is still a significant amount of the bridge inventory that does
not have three spans. HAZUS-MH currently provides equations for median value
modification but they need verification using dynamic approaches.
• Methodologies for the incorporation of liquefaction or ground deformation hazards
should be developed. The work in this study considered explicitly the ground shak-
ing hazard, however liquefaction was not considered. There is currently a lack of
understanding of how the demands due to this type of hazard are to be assessed.
• Bridges which occur in major freeway interchanges often have a curved superstruc-
ture. The fragility of a particular curved bridge may be generated using the procedure
laid out in this study. However, the feasibility of accounting for bridge curvature at a
regional level must be investigated.
• Studies directed specifically at better understanding and quantifying bridge compo-
nent capacities should be conducted. Specifically, the work should focus on the map-
ping of capacities to damage states and the mapping of damage states to losses. For
example, limited experiments have been conducted on highway bridge abutments.
Therefore, large scale experiments would be useful in generating better analytical
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models and understanding the impact of damage on the perceived functionality of a
bridge.
• A thorough in-depth study looking at simplified fragility generation methodologies
should be conducted. This would require the adaptation of current simplified method-
ologies to incorporate the eff cts of all bridge components and not just generalized
global bridge responses. If more confidence can be gained in simplified procedures,
then larger studies on bridge fragilities will be facilitated.
• An extension of the proposed methodology to consider other hazards should be inves-
tigated. In the wake of recent natural and manmade disasters, it has become apparent




A.1 Wen and Wu Ground Motions
The methodology that Wen and Wu used in their research follows the procedure proposed
by Herrmann and Akinci (1999), which uses a point-source model approach. Using the
statistics of occurrence and magnitude information from the 1996USGS Open-File Report
96-532(USGS, 1996), assuming the occurrence time as a Poisson process and that the
epicenter location is uniformly distributed within the New Madrid fault zone, events of
various magnitudes and distances were simulated for the region. This was done for a 10-
year period of time and repeated 9,000 times. Considering earthquakes with body wave
magnitudes greater than or equal to five, 9,260 events that are within the eff ctive area for
Memphis were created. This also resulted in 9,269 events for Carbondale and 8,290 events
for St. Louis, giving moment magnitudesMw ranging from 4.5 to 8.
The large number of ground motions generated allowed the authors to construct the
uniform hazard response spectra (UHRS) for each of the cities. This is done by using the
response spectrum for the individual ground motions, calculating probability distributions
for the spectral acceleration at each period and then looking for the desired exceedance
probabilities. For a more in-depth description of the procedure used, see (Wen and Wu,
2001).
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A.1.1 Single Component Ground Motions
Once the uniform hazard response spectra were generated for each city at various hazard
levels, specific ground motion suites were assembled. Using the UHRS for 10% and 2%
in 50 years for each city as a baseline, the ten ground motions whose spectra most closely
matched, in a least squares sense, were selected for each city and each hazard level. These
ten ground motions were selected from amongst the 9,000± ground motions that were
originally generated for each city. The response spectra were evaluated and compared at
ten specific periods from 0 to 2 seconds. What resulted was ten ground motions for each
of two hazard levels for each city, giving a total of 60 ground motion records. A ground
motion time history sample for each city at each of the two hazard levels is presented in
Figure A-1.
Amplitude, frequency and duration are parameters which are often used to define strong
ground motions. Two of these parameters, namely amplitude and duration, are presented
in Table A-1 for the six suites of ground motions. Peak ground acceleration (PGA) is often
used to represent the amplitude of the ground motion and thus is presented in the table.
The frequency content of the ground motion suites is best seen through their respective
response spectra. Figures A-2 through A-4 show the mean response spectra plus/minus one
standard deviation for Carbondale, St. Louis and Memphis respectively at the 10% and 2%
in 50 years hazard levels.
The mean response spectra for Memphis and Carbondale are very similar in shape.
They both peak around 0.3-0.4 seconds and then taper off slowly as the period increases.
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10% PE in 50 yrs Carbondale




2% PE in 50 yrs Carbondale













10% PE in 50 yrs St. Louis




2% PE in 50 yrs St. Louis





10% PE in 50 yrs Memphis





2% PE in 50 yrs Memphis
Figure A-1: Representative Time Histories of Ground Motions for 10% and 2% Probability
of Exceedance in 50 Years for Carbondale, St. Louis and Memphis.
Table A-1: Mean Values of Ground Motion Parameters for Wen and Wu Suite of Synthetic
Ground Motion Records.











Carbondale 6.4 122 14.2 0.17 0.16
St. Louis 6.4 193 12.1 0.11 0.17
Memphis 6.4 88 4.4 0.08 0.45











Carbondale 8.0 158 59.5 0.51 0.88
St. Louis 7.2 195 31.9 0.33 0.16
Memphis 8.0 151 31.2 0.38 0.99
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Figure A-2: Mean Response Spectra for 10% and 2% in 50 Years for Carbondale.
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Figure A-3: Mean Response Spectra for 10% and 2% in 50 Years for St. Louis.
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Figure A-4: Mean Response Spectra for 10% and 2% in 50 Years for Memphis.
The main difference between these two cities is that the amplitudes in Carbondale are ap-
proximately 30% and 100% greater than those in Memphis for the 2% and 10% in 50 years
hazard levels respectively. The mean response spectrum for St. Louis, as seen in Figure
A-3, shows that the majority of the energy content for these ground motions lies below 0.2
seconds. This happens to be outside the range in which the fundamental periods of most
civil structures fall. Although the peak spectral acceleration values are similar to the other
two cities, the frequency content is quite different.
A.1.2 Reduced Ground Motion Suite
A suite of 48 ground motions is needed for use in the probabilistic seismic demand anal-
yses. Of the original ground motion suite, which consists of 60 ground motions (10 for
each city-hazard combination), 48 are selected such that a good cross-section of PGA and
Sa values is obtained. Therefore, after each of the 60 ground motions is divided into its
associated components, eight ground motions are selected from each of the six city-hazard
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Table A-2: Original File Names of 48 Seed Ground Motions Used From the 60 Wen and
Wu (2001) Ground Motions.
Carbondale Memphis St. Louis
10% in 50 yrs 2% in 50 yrs 10% in 50 yrs 2% in 50 yrs 10% in 50 yrs 2% in 50 yrs
c10 01s c0201s m10 01s m0202s l10 01s l0201s
c10 02s c0202s m10 03s m0204s l10 02s l0202s
c10 04s c0205s m10 04s m0205s l10 03s l0204s
c10 05s c0206s m10 06s m0206s l10 04s l0205s
c10 06s c0207s m10 07s m0207s l10 05s l0206s
c10 07s c0208s m10 08s m0208s l10 07s l0207s
c10 08s c0209s m10 09s m0209s l10 08s l0208s
c10 10s m10 10s m0210s l10 10s l0209s
l02 10s
bins. Table A-2 gives the file names, as originally published by Wen and Wu (2001), of 48
seed ground motions used .
A.2 Rix and Fernandez Ground Motions
The methodology used by Rix and Fernandez-Leon (2004) to generate this suite of sce-
nario ground motions follows the work done by Drosos (2003) and the procedure outlined
in (Boore, 1983). The source models come from the work by Frankel et al. of the USGS
(1996). Uncertainties in the source, path and site were incorporated in the Fourier Ampli-
tude spectrum. The phase spectrum, however, contains Gaussian white noise which results
in a phase spectrum which may not be representative of a real ground motion. A total of
220 ground motions were generated for three different magnitude levels (5.5, 6.5, 7.5) and
four different epicentral distances (10, 20, 50, 100 km). Representative ground motions for
the three magnitude levels are presented in Figure A-5.
266






 = 5.5 R = 10 km






 = 5.5 R = 50 km






















 = 6.5 R = 50 km






 = 7.5 R = 20 km
Time, (sec)






 = 7.5 R = 50 km
Time, (sec)
Figure A-5: Representative Time Histories of Ground Motions for Mw 5.5, 6.5 and 7.5
Events (Rix and Fernandez-Leon, 2004).
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Table A-3: Original File Numbers of the 48 Seed Ground Motions Selected From the 220
Rix and Fernandez-Leon (2004) Ground Motions.
Epicentral
Distance (km) Magnitude File Numbers
10
5.5 6, 9 10, 13, 14, 15, 16, 17
6.5 4, 5, 7, 11, 13, 16, 17, 19
20
5.5 13,15,16,18
6.5 9, 11, 13, 20
7.5 2, 6, 10, 12, 16, 17, 18, 20
50
5.5 12, 13, 15, 17
6.5 8, 9, 13, 17
7.5 1, 2, 3, 12
100 7.5 4, 6, 12, 18
A.2.1 Reduced Ground Motion Suite
The 220 ground motions were reduced to 48 with the objective of obtaining a well dis-
tributed cross-section of PGA and Sa values. Table A-3 gives the record numbers of the
files used for each magnitude-distance bin. Table A-4 gives the mean values of PGA, Sa−02
and duration for the selected ground motions contained in each bin. The durations and peak
accelerations for the magnitude 5.5 records are quite small. When intensities are this small
the ground motion is not very informative regarding the seismic response of the subject
bridge. The ground motion suite should induce responses in the structures ranging from
the linear elastic range to the highly nonlinear range, thus allowing for a better description
of structural behavior. Therefore, it is not useful to have many low intensity ground mo-
tions in the suite. As seen in Table A-3, few ground motions were selected from these small
intensity bins while a larger number were selected from the higher intensity bins.
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Table A-4: Mean Values of Identifying Properties of Reduced Rix and Fernandez-Leon
(2004) Ground Motion Suite.
Epicentral Mean Values
Distance (km) Magnitude PGA (g) Sa−02 (g) Duration (s)
10
5.5 0.16 0.30 8.19
6.5 0.44 0.56 13.21
20
5.5 0.09 0.17 8.72
6.5 0.26 0.37 13.22
7.5 0.51 0.62 27.16
50
5.5 0.03 0.06 10.72
6.5 0.09 0.17 16.09
7.5 0.23 0.34 29.02




To facilitate and simplify the classification of the bridges in the CSUS, ten general bridge
types were defined. To accomplish this task, the superstructure material and the super-
structure construction types, as listed in the NBI database, where examined. The bridges
with similar materials and/or construction types were grouped into the same bridge class.
Materials that are similar such as “Concrete Continuous” and “Prestressed Concrete Con-
tinuous” were grouped into the more general category of “Continuous Concrete”. Both
of these materials produce a superstructure of similar mass and would use similar bearing
details. The bridges were also grouped using similar construction types. For example the
“Stringer”, “Tee-Beam”, “Floor Girder” and “Channel Beam” were grouped into a more
general group called “Girder”. These grouping assignments were made assuming that these
construction types would produce structures with similar masses and use similar bearing
details. The grouping assignments for each bridge classification used in this study are pre-










































































































































































































































































































































































































































































































































































































































































































































ANALYTICAL MODELS OF MAJOR HIGHWAY
BRIDGE COMPONENTS
This Appendix is devoted to a discussion of the various components that are typical to the
subject bridges. Accompanying this discussion is a presentation of the analyticalOpenSees
models used to represent the behavior of the individual components.
C.1 Superstructure
The superstructure of a bridge refers to that portion of the bridge which is located above
the bearings. In general, this consists of a set of girders with a thin concrete deck poured
on top. The girders and deck are usually constructed such that they operate in composite
action.
In this study, the deck elements are modeled using elastic beam column elements. This
is because the superstructure is expected to remain linearly elastic under seismic loading.
The section properties of each span are calculated for the composite section of the deck and
girders – when applicable. The section properties are calculated for each bridge using the
axes presented in Figure C-1. The properties are given in Table C-1 for the end spans and
middle spans of each bridge. The the concrete bridge section properties are presented for
concrete with a modulus of elasticity of 2.78e4 MPa while the steel bridges use a modulus









Figure C-1: Schematic of Typical Bridge Superstructure.
It should be noted that the stiffness of the superstructure does not play a significant role
in the horizontal seismic response of the bridges whether it be loaded in the longitudinal or
transverse direction. This is due to the fact that the composite deck sections are much more
stiff than any of the other components and thereby behave much like rigid links. Although
the response is not that sensitive to the stiffness, it is sensitive to the mass of the deck.
Therefore, great care is given to accurately quantify the mass of each system.
C.2 Analytical Models of Bridge Steel Bearings
A bridge bearing is a mechanical system that permits movement or transfers loads from
the superstructure (top) of the bridge to the substructure or support system of the bridge.
They are typically responsible for transmitting both vertical and horizontal loads to the
substructure. The forces applied to a bridge bearing mainly include superstructure self-
weight, traffic loads, wind loads and earthquake loads. They become a significant factor in





































































































































































































































































































































































































































C.2.1 Overview of Steel Bearings
Steel bearings are a particular type of bearing that is commonly used in bridges. They can
come in a variety of shapes and sizes but they all serve the same function. These bearings
are divided into two main categories, fixed and expansion bearings. The classification is
assigned by the type of movement they allow. A fixed bearing only permits rotational
movement while an expansion bearing will permit both rotation and horizontal translation.
In the CSUS, there are six basic types of steel bearings used. They include roller, link,
sliding, knuckle, leaf and rocker bearings (Choi, 2002). However, of those six types the
rocker and sliding bearings were the most commonly used in the CSUS during the 1950’s
and 1960’s (Mander et al., 1996). The high-type bearings have typically been used for
bridges with spans greater than 20 m while the low-type bearings were used for bridges
with span lengths under 20 m (Dutta, 1999). Figures C-2 and C-3 show the high-type
rocker bearings and the low-type sliding bearings respectively.
The basic construction of these bearings attaches a masonry plate to the pier or abutment
using anchor bolts. A sole plate is attached to the underside of the steel girders. These two
plates are joined so as to enable the desired motions. For example, the low-type fixed
bearing uses vertical dowels (pintles) through both the masonry and sole plates to restrict
horizontal movement while still maintaining the capacity to rotate.
These bearing types are highly susceptible to corrosion and deterioration. They also
have non-ductile properties. As a result, following the 1971 San Fernando earthquake, it
was recognized that these types of bearings were highly vulnerable to seismic loading. As
a consequence, they are no longer used in the design of new bridges or the renovation of
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Figure C-2: High-Type Steel Rocker Bearings.
Figure C-3: Low-Type Steel Sliding Bearings.
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old ones (Mander et al., 1996). Unfortunately, a very large part of the bridge inventory in
the CSUS still has these types of bearings. Therefore, to appropriately model the bridge
inventory, it is necessary to develop analytical models for these types of bearings. These
bearing types will be used for the steel girder bridges in this study.
The analytical modeling of these bearings was aided greatly by the work of Mander
et al. (1996). They fully recognized the need to better understand the response of these
bearings to cyclic loading. In their study, they pulled a number of existing bearings from
steel girder bridges located in New York and performed cyclic lateral load tests on them
(Mander et al., 1996). These tests were performed in both the longitudinal and transverse
directions with similar conditions to when they were installed in the bridge. They followed
up the testing by proposing non-linear analytical models in Drain-2dx that closely approx-
imate the behavior of each bearing type. These published models have been converted into
OpenSees for use in this study. The following subsections will present the longitudinal
and transverse behavior of the high-type and low-type bearings and illustrate theOpenSees
models used to capture this.
C.2.2 High-Type Fixed Bearings
The high-type fixed bearing tests conducted by Mander et al. (1996) were performed under
two scenarios. One scenario had the bearings mounted on a steel plate and the other sce-
nario had the bearings mounted on a concrete pedestal. The results of the bearing tested on
the concrete pedestal are used in this study because they are believed to better represent the
typical conditions in the CSUS.
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The bearing associated with this study is presented in Figure C-4. It has a base that is
559 mm wide and 406 mm deep. The overall height of the bearing from concrete pedestal
to the bottom of the steel girder is 520 mm.
Figure C-4: Dimension of High-Type Fixed Bearing.
C.2.2.1 Longitudinal
The analytical model of the high type fixed bearing presented in Figure C-4 was origi-
nally developed by Mander using a number of different elements in Drain-2DX. These
elements were a truss element and two link elements placed in parallel. The bilinear truss
element was used to model the prying nature of the masonry plate while the link elements
were implemented to capture rocking and stiffness degradation. These elements placed in
parallel produced a composite element with a total initial elastic stiffness of 179 kN/mm.
The OpenSees model uses materials that are similar in behavior. ASteel01material and
a Hystereticmaterial are used in parallel to get this composite behavior. Figure C-5 gives
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u2 = 20 mm
d1 = 0.00
k1 =93 kN/mm
2 1k = 0.02 k
k3 =- 0.05 k1
k4
-= km b 1
b = 0.00
m = ductility
Steel01 Material Hysteretic Material
Figure C-5: OpenSees Model of High Type Fixed Bearing in Longitudinal Direction.
The model, as presented in Figure C-5, produces an initial stiffness of 167 kN/mm.
The post yield stiffness is approximately 6% of the elastic stiffness. The displacement that
occurs at yield is relatively small and is approximately 0.2 mm. TheHystereticmaterial
in OpenSees allows for the unloading stiffness of the material ,k4, to be a function of the
deformation ductility,µ. This is written ask4 = µ−βk1 whereβ = 0.0. Pinching factors
(px, py) and damage factors (d1,d2) can also be specified. The values used for this study
can be found in Figure C-5. Using the experimental results provided by Mander et al., a
comparative validation of the analytical model is given in Figure C-6. Although an exact
overlay of the experimentally and analytically derived hystereses is desired, it is highly
unlikely to be attained. This analytical model approximates well the experimental results
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and will therefore be used hereafter. It should be noted that the concrete pedestal on which
the bearing is mounted plays a very significant roll in the overall response of the bearing
system. It is for this reason that it was included when performing the tests.
Figure C-6: Response of High Type Fixed Bearing in Longitudinal Direction, Experimen-
tal and Analytical (Mander et al., 1996).
C.2.2.2 Transverse
The high-type fixed bearing shown in Figure C-4 was also tested in the transverse direction.
This means that the loading the bearing underwent during the experiment was the same it
would see if a bridge was loaded in its transverse direction. By testing the bearing in two
orthogonal directions, it enables analytical models to be generated with two orthogonal
non-linear springs. The steel bearing loaded in the transverse direction exhibited similar
behavior to the bearing under longitudinal loading. It saw the same type of prying of the
masonry plate and a bending of the anchor bolts.
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The modeling for this bearing behavior is accomplished using a bilinear steel material
(Steel01) and aHystereticmaterial placed in parallel. This model which closely follows
the model proposed by Mander et al is graphically presented in Figure C-7. The bilinear
steel material, which has a perfectly plastic range, is used to simulate the sliding of the
bearing. The coefficient of friction,µ plays a direct role in determining the force required
for sliding to occur. This material has an initial stiffness of 216 kN/mm and a coefficient
of friction µ = 0.375. The rocking and degradation are captured through the hysteretic
material, which has an initial stiffnessk1 = 5 kN/mm.
Figure C-7: OpenSees Model of High Type Fixed Bearing in Transverse Direction.
Figure C-8 presents the experimental results of the transverse loading overlain with the
analytical results. This shows that the analytical model approximates the experiment rea-
sonably well. Although it does not capture all of the apparent nonlinearities, the analytical
model does capture well the pinching of the hysteresis or lack thereof.
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Figure C-8: Response of High Type Fixed Bearing in Transverse Direction, Experimental
and Analytical (Mander et al., 1996).
C.2.3 High-Type Rocker Bearings
When the high-type fixed bearings, presented in Figure C-4, are used, they are typically
used in conjunction with a rocker-type bearing, as shown in Figure C-9. The base part of the
rocker is locked against horizontal translation using pintles or dowels. Thus, the horizontal
motion of this expansion type bearing is accommodated through a rocking, rather than a
sliding, motion. Although effective in allowing horizontal translations, this bearing type is
highly susceptible to instability. As the displacement gets large the bearing has a tendency
to topple. This phenomenon can be seen in Figure C-10.
The subject bearing given in Figure C-9 has very similar dimensions as its fixed coun-
terpart. It has a width and depth of 610 mm and 432 mm respectively. The total vertical
height is 520 mm.
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Figure C-9: Dimension of High-Type Expansion Bearing.
Figure C-10: High-Type Rocker Bearing Motion.
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C.2.3.1 Longitudinal
As pointed out previously, the motion of this bearing when loaded in the longitudinal direc-
tion is a rocking motion. This motion causes friction that results from rolling resistance at
the base and Coloumb friction at the top hinge. Although one would expect the hysteresis
loops to be regular, debris and uneven wear cause the experimental hysteresis loops to be
irregular (Mander et al., 1996).
TheOpenSees model for this behavior consists of the bilinear materialSteel01as shown
in Figure C-11. The initial stiffness of this bearing,ke, is 14 kN/mm with a post-yield
stiffness,kp = 0.018ke. The post-yield stiffness would ideally be perfectly plastic but the
buildup of debris causes some plastic stiffness to exist. The yield force,Fy, is once again
a function of the frictional coefficientµ = 0.04. Figure C-12 shows a comparison between
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Figure C-11: OpenSees Model of High Type Rocker Bearing in Longitudinal Direction.
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Figure C-12: Response of High Type Rocker Bearing in Longitudinal Direction, Experi-
mental and Analytical (Mander et al., 1996).
C.2.3.2 Transverse
The transverse motion for the high-type rocker bearing is not as simple and straight for-
ward as the longitudinal motion. TheOpenSees model, shown in Figure C-13, uses two
materials,Steel01andHysteretic, in parallel to capture this more complex behavior. There
is still a sliding frictional component present which is modeled using theSte l01bilinear
material. This has an initial stiffness of 252 kN/mm and a perfectly plastic behavior. The
yield force,Fy = µN, uses a coefficient of frictionµ = 0.10.
As the rocker is loaded transversely it comes in contact with a keeper plate. This plate
causes an increase in the stiffness and strength of the bearing until it fractures. TheHys-
teretic material is used to simulate the loading and fracture sequence of the keeper plate.
The initial stiffness of this material is 22 kN/mm. The rest of its parameters are outlined in
Figure C-13.
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Figure C-14 shows a comparison between the analytical and experimental results. It
is important to note that the experimental test was run for just one side of the hysteresis.
Since, however, there is a keeper plate on both sides of the bearing one would expect the
same behavior when loaded in the opposite direction. TheHystereticmaterial in Figure













ke = 252 kN/mm
kp e= 0.00 k
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d1 = 0.00
k1 = 22 kN/mm
k2 1= -0.60 k
k3 = 0.00 k1
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b = 0.00
m = ductility
Steel01 Material Hysteretic Material
Figure C-13: OpenSees Model of High Type Rocker Bearing in Transverse Direction.
C.2.4 Low-Type Fixed Bearings
Another type of steel bearing used for steel girder bridges are the low-type sliding bearings
shown in Figure C-3. The fixed version of this bearing allows for rotation while restricting
horizontal translation. Figure C-15 gives a schematic along with dimensions for the low-
type fixed bearing tested by Mander et al. and which is used in this study. This bearing has
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a masonry plate that is 152 mm by 533 mm and is approximately 38 mm thick. The convex
sole plate is approximately 152 mm by 358 mm and is also 38 mm thick.
Figure C-14: Response of High Type Rocker Bearing in Transverse Direction, Experimen-
tal and Analytical (Mander et al., 1996).
Figure C-15: Dimensions of Low-Type Fixed Bearing.
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C.2.4.1 Longitudinal
The longitudinal behavior of the fixed bearing is modeled inOpenSees using aSteel01and
a Hystereticmaterial in parallel, as shown in Figure C-16. TheSt el01material, as before,
simulates the frictional component of the bearing response. It has an initial stiffne s,ke of
356.0 kN/mm, a frictional coefficient ofµ = 0.37 and a perfectly plastic behavior.
The pintles or dowels that are used to restrict horizontal translation are actually inserted
into slotted holes in the sole plate. This allows for some movement prior to engaging the
pintles in the bearing response. The movement in this model is plus or minus 2.0 mm. The
additional effect of the pintles is handled by theHystereticmaterial. It allows for the gap
to close before engaging at which point an additional stiffness of 210 kN/mm is added.
Figure C-17 compares the analytical and experimental hystereses for this bearing. Some
of the discrepancy is due to pintle not being centered in the slot during the experimental
setup. Otherwise, the analytical model is a very reasonable approximation to the real bear-
ing.
C.2.4.2 Transverse
The behavior of the low-type fixed bearing in the transverse direction is similar to the
response of the longitudinal direction. The analytical modeling of the bearing behavior can
be obtained using aSteel01andHystereticmaterial in parallel (Figure C-18). TheSteel01
(bilinear) material has an initial stiffnesske of 356 kN/mm and a perfectly plastic behavior

















ke = 356 kN/mm
kp e= 0.00 k
Fy = Nm
m = 0.37




u2 = 25.4 mm
d1 = 0.00
k1 = 210 kN/mm
k2 1= 0.25 k
k3 = 0.25 k1
k4
-= km b 1
b = 0.00
m = ductility
Steel01 Material Hysteretic Material
u1
gap = 2.0 mm
Figure C-16: OpenSees Model of Low Type Fixed Bearing in Longitudinal Direction.
Figure C-17: Response of Low Type Fixed Bearing in Longitudinal Direction, Experi-
mental and Analytical (Mander et al., 1996).
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Once again the contribution of the pintle is added through theHystereticmaterial. The
initial stiffness of this material is 350 kN/mm but it has to close a gap of 1.5 mm before
engaging.
The composite behavior is presented in Figure C-19. There is a slight irregularity on
each side of the hysteresis which, as previously mentioned, is attributed to the pintle not

















ke = 356 kN/mm
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Steel01 Material Hysteretic Material
u1
gap = 1.5 mm
Figure C-18: OpenSees Model of Low Type Fixed Bearing in Transverse Direction.
C.2.5 Low-Type Sliding Bearings
The low-type sliding bearings presented in this section are designed to be an expansion
type bearing when loaded in the longitudinal direction. This bearing type is shown in Fig-
ure C-20. It can be seen that a convex sole plate that is 152 mm by 358 mm by 38 mm thick
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Figure C-19: Response of Low Type Fixed Bearing in Transverse Direction, Experimental
and Analytical (Mander et al., 1996).
is paired with a flat sliding plate of the same size. This allows for rotation of the bearing
about the transverse axis while still accommodating translation in the longitudinal direc-
tion. There are guide plates bolted onto the masonry plate to allow sliding longitudinally
but provide restraint transversely.
Figure C-20: Dimensions of Low-Type Expansion Bearing.
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C.2.5.1 Longitudinal
Loading the low-type expansion bearing in the longitudinal direction shows an initial stiff-
ness which drops close to zero once the frictional force is overcome. This is best modeled
using aSteel01material with an elastic perfectly plastic range as shown in Figure C-21.
The initial stiffness,ke, is 123 kN/mm and the associated coefficient of friction,µ, is 0.20.
Figure C-22 compares this analytical model with the experimental results. It is seen that
this is not a perfect representation of the bearing behavior but it still provides a valid ap-






ke = 123 kN/mm




Figure C-21: OpenSees Model of Low-Type Sliding Bearing in Longitudinal Direction.
C.2.5.2 Transverse
The transverse behavior of the expansion bearing is a little more complex than the longi-
tudinal behavior. In fact, it is much closer to the behavior seen in the fixed bearing. This
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Figure C-22: Response of Low-Type Sliding Bearing in Longitudinal Direction, Experi-
mental and Analytical (Mander et al., 1996).
is because it has transverse guide plates which provide additional stiffne s and strength to
the bearing. It still has the frictional component modeled by theSteel01material where
ke = 123kN/mmandµ = 0.35. The transition from sliding to striking is handled with a
Hystereticmaterial and an associated gap. As seen in Figure C-23, the initial stiffne s,k1, is
35 kN/mm and the gap before the engagement of this material is 3 mm. Figure C-24 shows
that the hysteresis of this bearing is not quite anti-symmetric with respect to the origin.
This is probably due to debris and corrosion in the bearing.
C.3 Elastomeric Bridge Bearings
Elastomeric bridge bearings have been a very common bearing used on concrete girder and
slab type bridges. These types of bearings consist of an elastomeric rubber pad and some
steel dowels for restraint. They have traditionally performed well under seismic loading

















ke = 123 kN/mm
kp e= 0.00 k
Fy = Nm
m = 0.35




u2 = 2.90 mm
d1 = 0.00
k1 = 87.5 kN/mm
k2 1= 0.40 k
k3 = 0.06 k1
k4
-= km b 1
b = 0.00
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Steel01 Material Hysteretic Material
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Figure C-23: OpenSees Model of Low-Type Sliding Bearing in Transverse Direction.
Figure C-24: Response of Low-Type Sliding Bearing in Transverse Direction, Experimen-
tal and Analytical (Mander et al., 1996).
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These types of bearings will be used for all of the bridge types in this study which have
concrete superstructures.
As mentioned, the bearing system consists of an elastomeric rubber pad and some steel
dowels that embed into the pier cap and project through the pad into the underside of the
concrete girder/slab. Each component of the bearing system provides a distinct contribution
in the transfer of forces. The elastomeric pad transfers horizontal load by developing a
frictional force while the steel dowels provide resistance through a beam type action. It is
therefore justified that a model of each component, the pad and the dowels, be developed
separately and then combined in parallel to get the appropriate composite action.
A typical bearing size and configuration used throughout this study is presented in
Figure C-25. It is a typical bearing size for a AASHTO Type I pre-stressed concrete girder.
It consists of a neoprene pad that is 152 mm wide by 406 mm long and 25.4 mm thick. It
also has two 1“ diameter steel dowels that project into the girder 76.2 mm. For a fixed type
bearing the dowels are inserted into a hole that is 31.8 mm in diameter, as seen in Figure
C-25. To create an expansion bearing, this hole is swapped for a slot that is 31.8 mm wide
by 76.2 mm long. This bearing configuration will be used for illustration purposes in later
sections.
C.3.1 Overview of Elastomeric Pad and Dowel
C.3.1.1 Elastomeric Pad
As pointed out previously, the behavior of the elastomeric pad is characterized by sliding.
As was seen during the discussion of the steel sliding bearings, this sliding behavior is
characterized by the initial stiffness which accepts load until the coefficient of friction is
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Figure C-25: Typical Elastomeric Bearing Used for Concrete Bridge Girders.
exceeded. Once it is exceeded, the stiffness changes to a value that is nearly zero (Schrage,
1981).
The modeling of the elastomeric pad can be accomplished through the use of an elas-
tic perfectly plastic material. The chore lies in determining the initial shear stiffness of
the bearing and also the calculation of an appropriate coeffi ient of friction. The initial





WhereA is the area of the elastomeric bearing,G is the shear modulus of the elastomer and
hr is the thickness of the elastomeric pad.A andhr are a result of the size of the bearing
and can be pulled from a set of plans butG needs to assume some typical value. Shear
values for elastomers in bridge bearings range between 0.66 MPa and 2.07 MPa depending
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on their hardness (?). Since this value can vary over the bridge inventory, an average value
of 1.38 MPa is assumed as a typical value for this study. This may be a slightly higher
value than would be typical for new rubber, but a large majority of these types of bearings
are 20 - 30 years old and have likely hardened.
The frictional coefficient for concrete bridges takes into account the interface between
the elastomeric rubber and a concrete surface. Some experimental tests have shown that
the coefficient of friction for an elastomeric bearing is a function of the normal stress on





whereµ is the coefficient of friction andσm is the normal stress on the bearing given in
MPa. For the bearing given in Figure C-25 and when the normal stress,σm = 1.29MPa,
the coefficient of friction isµ = 0.36 and the initial stiffness is 3.35 kN/mm.
C.3.1.2 Steel Dowels
The steel dowels, used to prevent excessive movement between the girders and the piers on
which they bear, are 25.4 mm in diameter. A typical girder will require two dowels at each
end. The dowels are embedded into the top of the concrete pier/bent and projected loosely
76.2 mm into the bottom of the girder. Under working loads the response of these dowels
is expected to remain linear. However, for moderate earthquakes, a non-linear behavior is
expected.
In work performed by Vintzeleou and Tassios (1987), it was shown that there is ex-
treme pinching in the hysteresis when a dowel is loaded as a cantilever, as is the case for
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elastomeric type bearings. There was also an obvious drop off in strength as the dowels
fractured. In an attempt to capture this behavior, Choi (2002) used an ABAQUS model
of a steel dowel to assist in developing and verifying a Drain-2DX model. The estimated
yield and ultimate strength for each dowel is approximately 56.0 kN and 58.0 kN respec-
tively. The initial stiffness of each dowel is calculated at 46 kN/mm. Figure C-26 shows
the analytical model developed by Choi and is subsequently used in this study.
Figure C-26: Analytical Model of Steel Dowel Behavior Under Cyclic Loading (Choi,
2002).
C.3.2 Analytical Model of Elastomeric Bearing with Fixed Dowels
The composite behavior of an elastomeric bridge bearing is achieved by combining the
behavior of the elastomeric pad and two steel dowels in parallel. The elastomeric pad is
modeled using aSteel01material with an initial stiffness of 3.35 kN/mm and a yield force,
Fy = µN. The dowel behavior is modeled using aHystereticmaterial using an initial
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stiffness of 92 kN/mm, as seen in Figure C-27. For the fixed bearing the 25.4 mm dowels
are inserted into a 31.8 mm hole. This allows a total of 6.4 mm of movement without
initiating the effects of the dowels. The condition is simulated by placing a 3.1 mm gap
on each side of the hysteresis, as shown in Figure C-27. Figure C-28 shows the composite
behavior of the elastomeric bridge bearing. It should be noted that the behavior of this
bearing is the same in both the longitudinal and transverse directions.
Figure C-27: OpenSees Model of Elastomeric Bearing with Fixed Dowels.
C.3.3 Analytical Model of Elastomeric Bearing with Expansion Dowel
Figure C-29 shows theOpenSees analytical model used for the expansion bearings. The
only difference between the expansion bearing and the fixed bearing is the size of the gap
that must be closed before the dowels are engaged. The gap for this bearing is 25.4 mm.
This model simulates the bearing behavior when loaded in the longitudinal direction and
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Figure C-28: Hysteretic Behavior of Elastomeric Bearing with Fixed Dowels.
is shown in Figure C-30. The response in the transverse direction is identical to that of the
fixed bearing with only a 3.2 mm gap.
C.4 Abutments
Abutments are a vital component of highway bridges. They provide vertical support of
the bridge superstructure at the bridge ends and connect the bridge with the roadway ap-
proaches. They also provide lateral restraint, both longitudinal and transverse, to the bridge
superstructure when the bridge undergoes loading in those directions. There are various
types of abutments used in bridge design. Figure C-31 shows four of these types, namely a
gravity abutment, a U-shape abutment, a spill through abutment and a pile bent abutment.
These all belong to a special class of abutments called “seat-type” abutments (Wang, 2000).
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Figure C-29: OpenSees Model of Elastomeric Bearing with Expansion Dowels.















Figure C-30: Hysteretic Behavior of Elastomeric Bearing with Expansion Dowels.
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This is in contrast to monolithic abutments which are built integral with the bridge super-
structure. This study uses the pile bent type abutment in all the bridge models as it is a very
common type in the CSUS (Hwang et al., 2000).
C.4.1 Overview of Abutments
As stated previously, bridge abutments primarily resist vertical loads but they also must
take horizontal loads. Horizontal loading of abutments can occur as a result of traffic lo ds
due to acceleration and braking. Seismic loads can also place great demands on bridge
abutments. For instance, the longitudinal response of a bridge during seismic loading can
increase the earth pressures on the abutment. Impact of the deck with the abutment can
further increase these pressures.
In the longitudinal direction there are two types of resistance that are present. The first
is a passive resistance which is developed as the abutment wall is pressed into the soil
back-fill, as shown in Figure C-32. Thus, passive resistance is partially provided by the
soil and partially provided by the piles. The other type is active resistance which occurs
as the abutment is pulled away from the backfill. During this motion the piles provide
most of the horizontal resistance. For the pile-bent abutment type, wing walls may not be
very large, and therefore may not contribute much to the transverse horizontal resistance
of the abutment. Therefore, for all practical purposes, this study considers that transverse
resistance is provided solely by the piles.
As previously mentioned, seismic loads can place great demands on a bridge abutment.





















C-31(d): Pile Bent - type
Figure C-31: Girder Seat Abutment Types (Tonias, 1995).
PassiveActive
Figure C-32: Definition of Longitudinal Abutment Behavior.
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can occur during seismic loading. The first, stability damage, is mainly caused by foun-
dation failure due to excessive ground deformation or loss of bearing capacity of the soil.
This type of damage is made evident through tilting, sliding, settling and overturning of
the abutment. This type of failure can cause a serious disruption in the use of the bridge.
The other type of damage is component damage or in other words actual damage to the
abutment itself. This type of damage is caused by excessive soil pressures as the relative
displacement between the abutment and the soil gets large. This type of damage is more
easily repaired than the stability damage (Wang, 2000).
Past experience has shown that abutments play an important role in the overall behav-
ior of bridges under seismic loading. This fact has been reinforced numerous times as
researchers have attempted to ascertain the contribution that abutments make (Goel, 1997;
Karantzikis and Spyrakos, 2000; Wilson and Tan, 1990). As a result, it has been recognized
that abutment seismic response models need to be developed and implemented in both the
analysis and design of bridges. The following subsection discusses further the development
of the models used in this study.
C.4.2 Analytical Models of Abutments
A common implementation of the eff ct of the abutments is the addition of discrete lin-
ear springs. A guideline for the stiffness of this linear spring was published by Caltrans
(1990). Their recommendation was to assume the passive soil-abutment stiffnes was 115
kN/mm/m. This was to be valid for a standard 2.4 m tall back-wall. This value could then
be multiplied by the actual width of the abutment to obtain a total passive stiffness for the
spring. The effects of the piles could be added in both the active and passive directions
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allowing for 7 kN/mm per each 45 ton, 70 ton and 406.4 mm Cast-In-Drilled-Hole (CIDH)
piles. The transverse direction once again accounted for the piles and then also allowed
for the 115 kN/mm/m for 2/3 of the wing-wall width. If the bridge width is over about
15 m, the wing-walls appear to contribute little and are therefore ignored (Caltrans, 1990).
Although a linear spring is used, an ultimate soil pressure of 0.37 MPa is used to limit
the amount of load taken by the abutment. This value represents the maximum stress the
back-fill can take under cyclic loading. Static loading permits a value of 0.24 MPa.
A half-scale abutment experiment was performed at UC Davis to investigate further
the stiffness of abutments in both the longitudinal and transverse direction (Maroney et al.,
1993). These tests showed that the initial stiffness of 115 kN/mm/m used by Caltrans
appears to significantly overestimate the actual passive stiffness present in the abutment
(Maroney et al., 1994). Further abutment modeling work by Goel and Chopra (1997) found
that the Caltrans procedures proposed for modeling the abutment in the transverse direction
produced good results. When it came to the passive stiffness of the abutment it was shown
that the Caltrans value was indeed too large, just as the half-scale tests had found. Caltrans
later modified their initial stiffness estimate for the passive resistance of the soil giving
a possible range of 11.5 kN/mm/m to 28.8 kN/mm/m (Caltrans, 1999). They maintain
that the ultimate soil pressure remains at 0.37 MPa and the pile stiffnesses remain at 7
kN/mm/pile.
C.4.2.1 Longitudinal Model
This study assumes a pile stiffness value of of 7 kN/mm/pile, as recommended by Caltrans
(1990). It also assumes, that for typical bridges, the passive soil stiffness can be calculated
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using a value of 20.2 kN/mm/m. This is the median value of the recommended range. The
ultimate passive soil pressure of 0.37 MPa is also accepted for this study.
It was noticed in the work performed by Maroney et al. (1994), that the passive stiffne s
of the abutment decreased as the tip displacement of the abutment increased. By the time
the ultimate soil pressure was reached, the passive stiffness fell to zero. It is thus appar-
ent that a non-linear model of the passive behavior is needed to appropriately capture the
abutment behavior. In a study by Martin and Yan (1995), they found that the ultimate soil
pressure was reached at relative tip displacements of 6 % to 10 % of the back-wall height
depending on whether there were cohesionless or cohesive soils present. This informa-
tion, in addition to a few key assumptions, allows the generation of a quad-linear model
for passive abutment stiffness. A development of this model is presented in the following
subsection and the actual model is presented in Figure C-33 and Table C-4.
C.4.2.2 Modeling of Passive Soil Stiffness at Abutment
Following the results of the previously mentioned studies, Caltrans presented some basic
recommendations pertaining to the modeling of passive stiffness of abutments (Caltrans,
1990, 1999). This study accepts these recommendations which are given in Table C-2.
Some simple assumptions are made to facilitate the conversion of the linear Caltrans model
into an equivalent non-linear model.
As noted in Table C-2 the ranges for possible values of initial stiffness and ultimate
deformation are 11.5 - 28.8 kN/mm/m (K1p) and 6% - 10% (∆3p) respectively. However,
the ultimate passive soil pressure is assumed to be 0.37 MPa for all cases. To generate the
non-linear model, as shown in Figure C-33, some relationships must be drawn between the
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Table C-2: Passive Abutment-Soil Behavior Parameters (Caltrans, 1999; Martin and Yan,
1995).




Ultimate Soil Pressure, (MPa) 0.37
1∆/h, Abutment tip displacement (∆) as a percentage of abutment height (h)
initial stiffness, ultimate deformation and ultimate soil pressure. It is therefore assumed
that there is a linear relationship between the initial stiffness and the ultimate deformation.
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(h) = (0.0334+ 0.00231K1p)h (C.3)
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WhereK1p is initial stiffness,∆3p is ultimate deformation andh is the total height of the
abutment back-wall. Equation C.3 gives∆3p/h = 0.06 whenK1p = 11.5 kN/mm/m and
∆3p/h = 0.10 whenK1p = 28.8 kN/mm/m.
The deformation at first yield∆1p is assumed to be 10%∆3p and while∆2p is assumed
to be 35% of∆3p. The yield force for each meter of wall width,F1p, is simply taken as the
product ofK1p and∆1p. The ultimate force per unit width of wall,F3p, is 0.37MPa·h. And
finally F2p is assumed to beF1p plus 55% of the difference betweenF1p andF3p. This is
clarified in equation C.4.
F2p = F1p + 0.55(F3p − F1p) (C.4)
With the anchor points of the model, the deformations (∆ip) and corresponding forces
(Fip), defined it is now a simple task to calculate the two remaining stiffnesses,K2p andK3p.
Although this model may seem complex, it is relatively simple to implement in OpenSees.
Figure C-34 gives an example of the model backbone for three diff rent initial stiffness
values, namely 11.5 kN/mm/m, 20.2 kN/mm/m and 28.8 kN/mm/m.
C.4.2.3 Modeling of Pile Stiffness at Abutment
The abutment piles are assumed to act in both active and passive loading of the abutment.
The Caltrans recommendation of 7 kN/mm/pile is accepted for this study with an ultimate
strength of 119 kN/pile (Caltrans, 1990). The behavior of the pile, however, is not linear
up to the ultimate strength. The initial stiffness degrades with soil surface yielding. This
study assumes the tri-linear model implemented by Choi (2002), which is also presented in
Figure C-33 and Table C-4. He assumed that the piles become plastic at a deformation of
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Table C-3: Values for Passive Abutment-Soil Behavior Parameters.
Parameter Equation2 Alternate Form


























2Values for each meter width of wall.


















Figure C-34: Abutment Behavior Modeling for Three Levels of Initial Stiffness
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Table C-4: Model Properties of Abutment.
Properties Notations Values
Soil Behavior (Passive Action)
Initial Stiffness K1p 11.5 - 28.8 kN/mm/m
Displacement 1 at top ∆1p/h 0.1(∆3p/h)
Second Stiffness K2p 195% - 6%K1p
Displacement 2 at top ∆2p/h 0.35(∆3p/h)
Third Stiffness K3p 130% - 2%K1p
Displacement 3 at top ∆3p/h 8.0%
Pile Behavior (Dual Action)
Effective Stiffness Ke f f 7 kN/mm/pile x # of piles
Initial Stiffness K1 2.333xKe f f
Displacement 1 at top ∆1/h 7.62 mm
Second Stiffness K2 0.428Ke f f
Displacement 2 at top ∆2/h 25.4 mm
1See Appendix C for Clarifications.
25.4 mm. It was also assumed that first yielding occurs at 30 % of the ultimate deformation.
This corresponds to a yielding force equal to 70 % of the ultimate force.
The overall model used to simulate abutment behavior in the longitudinal direction is
created by placing the soil model and the pile model in parallel as seen in Figure C-33.
Figure C-35 shows the hysteretic behavior of an abutment section that is 1.91 m wide
and has the equivalent of 1.2 piles. There is a noticeable diff rence between the passive
behavior and the active behavior.
C.4.2.4 Transverse Model
The components of an abutment system that contribute to its transverse stiffn s are the
piles and the wing walls. Caltrans pointed out that the eff ct of wing-walls decreases as the
width of the abutment increases. It is therefore their recommendation that only the piles
be considered when modeling the transverse direction. The effective stiffness contributed
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Figure C-35: Hysteretic Behavior of Abutment in Longitudinal Direction.
by the piles is approximately the same, whether the abutment is loaded longitudinally or
transversely. Therefore, the pile portion of the longitudinal model is also used for the
transverse modeling. Figure C-36 shows the analytical model once again and Table C-4
defines the values. Figure C-37 shows the hysteretic transverse behavior of a 1.91 m wide









Figure C-36: Analytical Model of Abutment in Transverse Direction.
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Figure C-37: Hysteretic Behavior of Abutment in Transverse Direction.
C.5 Impact Elements
Some bridge types, such as those considered in this study, are prone to have impact occur
between their adjacent decks or between the decks and the abutments when loaded seis-
mically. In particular, those bridge types that don’t possess adequate continuity along the
length of the bridge, such as the multi-span simply supported girder bridge types, are sus-
ceptible to this phenomenon. Relatively recent earthquakes, such as the 1994 Northridge
and the 1995 Kobe earthquakes, have highlighted the damaging effects of adjacent deck
pounding in bridges (EERI, 1995a,b). Damage such as crushing and spalling of the deck
as well as unseating of the girders were evidence of this phenomenon.
C.5.1 Overview of Impact Elements
It is recognized that the pounding of decks can affect the way a bridge responds to seismic
loading. It is therefore incumbent upon researchers to include the effects of pounding when
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generating analytical bridge models. A common way of implementing this phenomenon is
by using a contact element in the model. Essentially the element monitors the gap between
adjacent sections of the bridge and is engaged once the associated gap is closed. This setup
is illustrated in Figure C-38 where the contact element is a nonlinear spring with a gap.
Figure C-38: Pounding of Bridge Decks.
C.5.2 Analytical Model of Impact Elements
The concept of the contact element is quite simple but the actual modeling of its behavior
can be more cumbersome. Muthukumar (2003) performed a study looking at the pounding
in bridges and recommended a procedure for generating appropriate contact elements. This
study showed impact models that do not allow for energy dissipation such as linear models
tend to over estimate the system response due to impact. It was therefore recommended
that a bilinear spring be used to capture the eff cts of impact including energy dissipation.
Figure C-39 shows the model recommended by Muthukumar (2003), which is used in this
study.
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Figure C-39: Analytical Model of Impact Between Decks (Muthukumar, 2003).
The derivation of the parametersKt1 andKt2 uses the energy dissipated upon impact in
comparison with the area in the hysteresis. By equating these two values and assuming a
maximum deformation,δm, these stiffnesses are calculated. The presentation of the equa-
tions and assumptions for this model has been included in subsection C.5.2.1. In this study
the maximum deformation or penetrationδm is assumed to be 25.4 mm andδy is assumed
to be (0.10)(δm). Following this assumption,Kt1 = 1,116 kN/mm andKt2 = 384 kN/mm.
The hysteresis of this model is presented in Figure C-40.
C.5.2.1 Modeling of Deck Pounding Using Contact Elements
The parameters ,Kt1, Kt2, δy andδm for the impact model are calibrated to the total expected
energy loss,∆E, during an impact event. Using a stereomechanical approach the energy






























Figure C-40: Hysteretic Behavior of Impact Between Decks.
Where∆E is the energy dissipated,kh is an impact stiffness parameter with a typical value
in English units of 25,000 k-in−3/2, n is the Hertz coefficient typically taken as 3/2, e is the
coefficient of restitution with a typical range of 0.6 - 0.8 andδm is the maximum penetration
of the two decks.
With the dissipated energy estimated, the parameters for the bilinear model are adjusted
to yield the same energy dissipation. The first step is to limit the penetration to some
maximum valueδm. The effective stiffness,Ke f f, as seen in Figure C-39 is then obtained
as:
Ke f f = kh
√
δm (C.6)
After some manipulation the remaining impact model parameters are obtained using
equations C.7 through C.9.
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Table C-5: Impact Element Modeling Parameters.
Parameter Value






Ke f f 456 kN/mm (per 1.9 m width)
Kt1 1,116 kN/mm (per 1.9 m width)
Kt2 384 kN/mm (per 1.9 m width)
δy = aδm (C.7)




Kt2 = Ke f f − ∆E(1− a)δ2m
(C.9)
WhereKt1 is the initial stiffness,Kt2 is the post-yield stiffness,a is a yield parameter taken
in this study as 0.1,δy is the yield penetration and the rest of the parameters are as pre-
viously defined. The impact model used in this study is developed using some typical
recommended values and will be used for all bridges throughout this study. Table C-5
gives a concise presentation of the values used in this study.
C.6 Multi-Column Concrete Bents
Bridge piers are substructure components which act as intermediate vertical and horizontal
supports for bridge decks. There are a number of different pier types used in CSUS bridges
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including pier walls, hammerhead piers and multi-column rigid frame piers. The multi-
column rigid frame piers, commonly referred to as multi-column bents, appear to be the
most prevalent type of pier used in the CSUS and will therefore be used in all analytical
models used throughout this study (Hwang et al., 2000). Figure C-41 shows a typical bridge
bent configuration which consists of multiple concrete columns which are supported on
reinforced concrete footings which are in turn supported on multiple piles. The tops of the






Figure C-41: Typical Multi-Column Concrete Bridge Bent Configuration.
C.7 Analytical Modeling of Concrete Bents
The concrete bents are modeled inOpenSees using a combination of displacement beam-
column elements and rigid links. A representative discretization of the bent is presented
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in Figure C-42. The section properties for the columns and the bent beams are created
using fiber elements with appropriate constitutive models for both the concrete and the
steel reinforcement. The following sections will present the material models and section







Figure C-42: Discretization of Multi-Column Concrete Bridge Bent.
C.7.1 Material Models
Reinforced concrete sections are constructed from three materials, namely unconfined con-
crete, confined concrete and reinforcing steel. The unconfined concrete behavior is mod-
eled using theConcrete01material as provided inOpenSees. This material uses the Kent-
Scott-Park model which utilizes a degraded linear uploading/reloading stiffness and a resid-
ual stress. The behavior of this material is depicted in Figure C-43. In this figure, a concrete
peak compressive stress of 27.6 MPa occurs at an associated strainεo = 0.002.
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Figure C-43: Analytical Behavior of Unconfined Concrete.
The model for the confined concrete, that which is inside the transverse reinforcing
steel cage, is slightly different from that of the unconfined (cover) concrete. Previous re-
searchers have shown that confinement of concrete by transverse reinforcement results in
a significant increase in both the strength and ductility of compressed concrete (Mander
et al., 1988). The maximum stress and associated strain for the confined concrete is given
asK f ′c andε0 = 0.002K respectively, whereK is given in Equation C.10,f
′
c is the uncon-
fined compressive cylinder strength,ρs is the ratio of volume of steel hoops to volume of
concrete core measured to the outside of the peripheral hoop andfyh is the yield strength of
the steel hoops (Park et al., 1982).




For the columns in the CSUS, it is assumed that typical transverse reinforcement is
provided by 12.7 mm bars spaced at 307 mm from center to center with grade 60 steel. For
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a 906 mm diameter circular column,ρs = 2.04e− 3, which results in aK value of 1.031.
Therefore, the confined compressive strength and associated strain are equal to 28.5 MPa
and 2.062e-3 respectively. This material behavior is given in Figure C-44. It is clearly seen
that both the strength and ductility of the concrete has increased.

















Figure C-44: Analytical Behavior of Confined Concrete.
The reinforcing steel is assumed to have a yield strength,fys = 414MPa, and an elastic
modulus,Es = 200GPa, and is modeled as a bilinear material usingOpenSeesSteel01
material. A strain hardening ratio of 0.018 is used for this material. This bilinear behavior
is seen in Figure C-46.
C.7.2 Analytical Model of Concrete Columns
The elements for the columns are generated using displacement beam-column elements
that have an associated fiber section being representative of the true column section. Fiber
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Figure C-45: Analytical Behavior of Reinforcing Steel.
elements allow the creation of a composite section which consists of different materials
located at various spacial locations. There are two main column types which are used in
this study. The slab bridges, as listed in Table 4-5, use a 762 mm square column with eight
25.4mmφ bars and the remainder of the bridge types use a 914.4 mm diameter circular col-
umn with 12 28.58mmφ bars. The actual configuration and dimensions of the columns will
be presented later when each individual bridge type is discussed. For illustration purposes,
the discretization of the circular columns is given in Figure C-46.
For verification purposes, a moment-curvature analysis of the reinforced concrete sec-
tion is performed. The results of this analysis are compared under monotonic loading with
those created by a commercial software package UCFyber. As shown in Figure C-47, there









Figure C-46: Fiber Discretization of Circular Reinforced Concrete Column.




















Figure C-47: Moment-Curvature Relationship of Reinforced Concrete Column Compar-
ing OpenSees and UCFyber.
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C.7.3 Analytical Model of Concrete Beam
The section for the concrete bent beam is created in the same way as for the circular
columns. The bent beam is a rectangular section which is 1067 mm wide by 1220 mm
tall and employs 14 – 28.6 mmφ reinforcing bars. Figure C-48 shows the discretization
of the beam section while Figure C-49 shows its hysteretic behavior under cyclic loading.
The non-symmetric behavior of the beam is clearly seen, as would be expected due to the
non-symmetric distribution of the reinforcing steel. It should be noted that this beam sec-
tion is valid for all bridge types, listed in Table 4-5, except for the slab type bridges. These









1066.8 mm76.2 mm 76.2 mm
Figure C-48: Fiber Discretization of Reinforce Concrete Bent Beam.
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Figure C-49: Hysteretic Moment-Curvature Behavior of Reinforced Concrete Bent Beam.
C.8 Foundations
Foundations are a critical part of the substructure of a bridge system since all inertial forces
must be transferred to them. For most highway bridges in the CSUS, deep foundations
employing a pile system are used (Hwang et al., 2000). The following subsections will
give a brief overview of pile foundations and their analytical models used throughout this
study.
C.8.1 Overview of Pile Foundations
A pile foundation system, as shown in Figure C-50, consists of a group of piles, some
vertical and some battered, tied together at the top with a concrete pile-cap. The piles,
which are slender structural elements, are typically driven deep into the ground with the
primary purpose of resisting horizontal and vertical loads. The load resisting mechanisms
utilized by pile foundations include the skin resistance occurring between the pile and the
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soil or they rely on the end bearing on a firm or dense soil. Often a combination of these
two mechanisms is employed in pile foundation design (Ezeldin, 2001). Pile foundations
are used for a variety of reasons, among which are (Fellenius, 1991):
• The need to locate a competent layer of soil to which loads can be transferred.
• Distribute loads to soils that are out of danger of scour.
• The structure may be sensitive to differential settlements.
• Loads transmitted to the soil are too large to be transmitted to the soil through typical
shallow foundations.
Figure C-50: Typical Pile Foundation and Associated Model.
When structures are subjected to seismic loads, one of the main tasks is to analyze
how the loads are distributed through the structure. Traditionally, the effects of the foun-
dation on the response of bridges was neglected in analytical models but has now been
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recognized as a significant contributor to the response of the entire system (Ma and Deng,
2000). The analytical models that have since been developed range from very complex
finite element models which explicitly treat the soil-structure interaction (direct method)
to a more simplified approach which treat the effects of the soil with a set of simple rota-
tional and translational springs (substructure method) (Wolf, 1985). The direct method can
be computationally expensive in that these models generally contain a very large number
of degrees-of-freedom and therefore, are not suitable for the large number of simulations
required by this study. The substructure method is a more simplistic approach but allows
for more economical analysis times while still considering the eff cts of the surrounding
soil. Thus, this simplified method is used throughout this study.
C.8.2 Analytical Models of Pile Foundations
The analytical models for the pile foundations are created by deriving simple linear or non-
linear springs that capture both the translational and rotational behavior of the foundation.
This is done by considering the stiffness of an individual pile and then modifying these val-
ues to account for geometric eff cts of the pile group. The two pile stiffnesses required for
the derivation of the pile cap stiffness are the vertical stiffness and the horizontal stiffness
of each individual pile. The rotational stiffness at the top of each pile is not incorporated in
this study as it is often considered to have a negligible contribution (Ma and Deng, 2000).
The estimate of vertical stiffness of an individual pile is developed by considering both
its frictional and tip resistance. The rigidity of the pile itself plays a role but is difficult to
calculate. Therefore, a solution for a rigid pile and a solution for a flexible pile are created
and the estimate comes from their average. This procedure was conducted in the work
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by Choi (2002) for typical piles in the CSUS. He concluded that an appropriate vertical
stiffness for a single pile is approximately 175 kN/mm, which is the value that will be used
in this study.
The horizontal stiffness of a single pile is assumed to follow the same behavior as the
piles in the abutments. This assumes an effective stiffness of 7.0 kN/mm/pile and uses the
nonlinear model as presented in Table C-4 and Figure C-36.
The composite pile behavior is computed following some basic geometry based equa-
tions presented by Ma and Deng (2000). The equations for horizontal and rotational stiff-








Kvv,i · x2i (C.11b)
WhereKhh,i is the horizontal stiffness andKvv,i is the vertical stiffness of thei th pile andxi is
the distance from the centroid of the pile group measured in the direction perpendicular to
axis of rotation. The aggregate stiffnesses of the pile group in the horizontal and rotational
directions are represented byKG,h andKG,r respectively.
The bridges in this study use two different sizes of footings. The footings used in the
slab bridges are 1.57 m wide by 2.34 m long and use six piles. All other bridge types have
footings which are 2.44 m square and use eight piles. The configuration of these footings















0.76 m0.76 m 0.46 m0.46 m
X
Y
C-51(b): All Other Bridge Types
Figure C-51: Configuration of Bridge Footings.
Table C-6: Stiffnesses of Pile Foundations.
Bridge Type Horizontal Rotational
(kN/mm) (kN-m/rad)
x y x - x y - y
Slab 98 98 4.04 · (10)5 1.52 · (10)5
Multi-Span 130.5 130.5 6.06 · (10)5 6.06 · (10)5
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APPENDIX D
MODAL PROPERTIES OF TYPICAL HIGHWAY
BRIDGE CLASSES
The modal properties of bridges are a useful way to classify their general characteristics.
Tables D-1, D-2, D-3 present the modal properties including period and effective modal
mass for the multi-span simply supported, multi-span continuous and single span bridges.
The fundamental period of all the multi-span bridge types has a longitudinal mode except
for the slab type bridges whose fundamental modes are transverse.
The period range of all simply supported bridges is from 0.28 - 0.62 seconds. These
bridges represent the most flexible of the bridge classes as is evidenced by there periods.
The continuous span bridges have periods that range from 0.28 for the slab bridge to 0.54
for the concrete girder bridge. The single span bridges represent the shortest periods with
the concrete bridge having a period of 0.32 seconds and the steel bridge with low-type
bearings having a period of 0.17 seconds.
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Table D-1: Modal Properties of Multi-Span Simply Supported Bridges.
MSSS Concrete
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.6192 84.3 0 0
2nd 0.4611 0 78.3 0
3rd 0.3359 0 0 0
4th 0.3288 0 0 0
5th 0.3101 0 13.3 0
MSSS Concrete Box
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.3064 93.7 0 0
2nd 0.2244 0 0 31.4
3rd 0.1657 0 0 0
4th 0.1657 0 0 34.7
5th 0.1352 0 20.7 0
MSSS Slab
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.2798 0.3 93.2 0
2nd 0.1926 91.9 0.3 0
3rd 0.1562 0.4 0 0
4th 0.1173 0 0 10.7
5th 0.1173 0 0 36.3
MSSS Steel (High-Bearing)
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.2952 84.6 1 0
2nd 0.2535 1 89.6 0
3rd 0.2337 0 0 31.5
4th 0.1787 0 0.4 0
5th 0.1439 0.8 0.1 0
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Table D-2: Modal Properties of Multi-Span Continuous Bridges.
MSC Concrete
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.5434 93.1 0 0
2nd 0.4218 0 91.5 0
3rd 0.3038 0 0 0
4th 0.2287 0 0 18
5th 0.1262 0 0 0
MSC Slab
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.2798 0.3 93.2 0
2nd 0.1926 91.9 0.3 0
3rd 0.1562 0.4 0 0
4th 0.1173 0 0 6.2
5th 0.1173 0 0 0
MSC Steel (High-Bearing)
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.4407 96.2 0 0
2nd 0.3071 0 94.9 0
3rd 0.2726 0 0 7.7
4th 0.2127 0 0 0
5th 0.179 0 0 0
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Table D-3: Modal Properties of Single-Span Bridges.
SS Concrete
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.3242 0 100 0
2nd 0.317 100 0 0
3rd 0.1794 0 0 80.7
4th 0.1759 0 0 0
5th 0.044 0 0 0
SS Steel
Mode Period Effective Modal Mass (%)
No. (sec) Longitudinal Transverse Vertical
1st 0.1732 0 0 80.7
2nd 0.096 0 99.5 0
3rd 0.0757 100 0 0
4th 0.0512 0 0.5 0




The analysis of variance table for a fractional factorial design with blocking is moderately
different from that for a full factorial as introduced by Hayter (2002). The general form of
the table is given in Table E-1. The notations are given as follows.
Where:
y = response of interest
nb = number of blocks per replicate= 8
nbb = number of trials per block = 4
n = number of replicates = 3
nT = total trials = (25)n = 96
k = number of parameters
The sums of squares are calculated as outlined in equations E.1 through E.4.





y j······ − y·······
)2
(E.1)
Wherey1······ is the mean of all response values where parameteri is (+), y1······ is the
mean of all response values where parameteri is (-), y······· is the mean of all response values
andp = k− 5.















Wherey j is the response of thej th trial.
S S E= S S T−
k∑
i=1















































































































































































































































BAYESIAN UPDATING OF CAPACITY CURVES
F.1 Introduction to Bayesian Theory
The Bayesian framework assumes that the parameters which estimate a distribution are
random variables. For example, the probability density function for the random variable
X, given in Equation F.1, is not only a function ofx but is also a function of its parameters
θ = {θ1, . . . , θn}.
fX(x) = p(x|θ) (F.1)
Bayesian theory asserts that the true values ofθ are random variables. This is in contrast
to classical statistics where it is the estimates of the parameters (θ̂) which are random vari-
ables.
Following this assumption regarding the distribution parameters, it is possible to update
the parameter distribution whenever new information becomes availablef ′
Θ
(θ) → f ′′
Θ
(θ).
The framework for accomplishing this is update is Bayes’ theorem, as given in Equation
F.2 where bothA andB are events.




This idea is then extended to probability distributions, the form of which is given in
Equation F.3.
















(θ) ≡ the analysts’ prior state of knowledge about
the unknown quantitiesθ.
x ≡ the set of additional information
(e.g. expert’s opinions)
L(θ|x) ≡ the likelihood of the evidencex given that the
true values of the unknown quantities areθ.
f ′′
Θ
(θ) ≡ the analysts’ posterior state of knowledge about
the unknown quantitiesθ given that they have
received the set of additional informationx.
Equation F.3 can be more concisely represented as shown in Equation F.4.
f ′′Θ (θ) = k
−1L(x|θ) f ′Θ(θ) (F.4)








(θ)dθ1 . . . dθn. The normalizing
constant is an important part of the formulation as it ensures that a proper distribution is
derived.
Extending the second axiom of probability theory, one can recognize that a necessary







f ′′Θ (θ))dθ1 . . . dθn = 1.0 (F.5)
At times this condition is not met resulting in what is referred to as an improper dis-
tribution. Therefore it becomes necessary to adjustk uch that the posterior distribution,
f ′′
Θ
(θ), is normalized to a proper distribution.
Once the posterior distribution of the parameters is defined, the uncertainty can be
included in the probability calculation of the underlying variableY (see Equation F.6).






P[Y ≤ a|θ] f ′′Θ (θ)dθ (F.6)
Thus, the distribution ofY now includes the influence of the additional informationx.
F.2 Derivation for Lognormal Distribution When Given
Percentiles
Often when working with experts it is convenient for them to provide information in terms
of percentiles. For example, the analyst may request that experti rovide the valueyi for
which they believe represents the 10th percentile. This may be repeated form percentiles
andn experts giving the responsesy ji for i = 1, . . . , n and j = 1, . . . ,m.
When the data is given in this type of format, the form of the posterior distribution of
the parameters must be re-derived. Following the work of Mosleh and Apostolakis (1986),
the derivation proceeds as follows.
The PDF for thei th expert andj th percentile is given in Equation F.7.











Whereytj is the true value of thej
th percentile.σ ji is a value assessed subjectively by the
analyst which implies the degree of confidence the analyst has in theth expert’s ability to
assess thej th percentile.
The parameters for the lognormal distribution are related to the true value of thej th
percentile (ytj) through the standard normal distribution. This is shown in Equation F.8.
ln ytj = ζZ j + λ (F.8)
whereζ andλ are the parameters for the lognormal distribution.Z j is the appropriate value
of the standard normal distribution for thej th percentile.
Substituting Equation F.8 into Equation F.7 gives Equation F.9.










If the responses between every expert at every percentile are considered to be indepen-
dent, then the likelihood function is given by Equation F.10.














This likelihood expression results in an expression for the joint posterior distribution
of λ andζ as shown in Equation F.11. The prior joint distribution ofλ andζ, fλ,ζ(λ, ζ),
is unknown in this case. It has been suggested by some that the unknown prior is best
represented by a uniform distribution Mosleh and Apostolakis (1986). However, it is argued
that since the uniform distribution is not invariant under reparameterizations, that it does
not truly represent a complete lack of knowledge Harney (2003). It is suggested that a true
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lack of knowlege on parameter distributions is best represented by constants (λc ≡ constant,
ζc ≡ constant).




























Canceling out the constants from both the numerator and denominator results in Equation
F.12.





















The appearance of the equation simplifies even further by recognizing that the denominator
is a constantk′.













Equation F.13 can be rewritten in terms of summations by pulling the products up into
the exponent. Equation F.14 shows the modified equation where
∑
ji r presents the double
summation over alln andm.










It is now beneficial to rewrite the term in the exponent to make it more usable. Follow-
ing a series of algebraic manipulations, Equation F.14 can be rewritten as Equation F.15.




































































































Equation F.15 now describes the posterior joint probability distribution forλ andζ. This
equation can now be used to calculate the updated distribution of each limit state by using
it with Equation F.6. The expected value for the CDF (FX(x)) of the limit state distribution



















This equation must then be solved numerically. At the same time, percentiles of the
distributionFX(x) may be calculated as shown in Figure 8-3. Assuming allσ ji values to be
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equal to 0.5, the resulting lognormal distributions for each limit state of each component is




The fragility curves for the components of each of the nine bridge types are presented in
this Appendix. The medians are given in terms of gravitational acceleration g. Whenever
the estimated median is larger than 4.0, the median and dispersion values are replaced by
99.00 and 0.00 respectively. This indicates that this particular component is not significant
for that limit state. The curves are presented for intensity measure of PGA andSa−gm, as
derived using both the Rix and Fernandez ground motion suite and also the Wen and Wu
ground motion suite.
G.1 MSC Concrete
This section contains the component fragility curves for the multi-span continuous concrete
girder bridge.
Table G-1: Component Fragilities for MSC Concrete Bridge Components - PGA (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.51 0.71 0.77 0.66 1.21 0.74 1.70 0.74
Fxd-Long 0.29 0.83 0.97 0.80 1.25 0.83 1.67 0.87
Fxd-Tran 3.12 1.81 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.27 0.81 1.04 0.77 1.38 0.80 1.92 0.85
Exp-Tran 3.23 1.80 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 0.99 0.70 3.03 0.70 99.00 0.00 99.00 0.00
Ab-Act 0.48 2.29 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 0.56 1.06 2.63 1.25 99.00 0.00 99.00 0.00
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Table G-2: Component Fragilities for MSC Concrete Bridge Components - Sa−gm (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.01 0.65 1.53 0.60 2.38 0.68 3.35 0.69
Fxd-Long 0.62 0.82 2.04 0.79 2.62 0.81 3.51 0.85
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.57 0.84 2.29 0.80 3.06 0.83 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 2.22 0.75 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.96 2.26 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 1.12 1.03 99.00 0.00 99.00 0.00 99.00 0.00
Table G-3: Component Fragilities for MSC Concrete Bridge Components - PGA (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.50 0.69 0.73 0.66 1.08 0.72 1.45 0.72
Fxd-Long 0.34 0.64 0.92 0.61 1.14 0.63 1.45 0.67
Fxd-Tran 1.24 1.33 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.35 0.76 1.17 0.72 1.50 0.75 2.01 0.79
Exp-Tran 1.34 1.32 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 2.08 0.92 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.46 1.49 3.91 1.74 99.00 0.00 99.00 0.00
Ab-Tran 0.46 1.00 1.83 1.16 3.77 1.12 99.00 0.00
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Table G-4: Component Fragilities for MSC Concrete Bridge Components - Sa−gm (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.76 1.05 1.42 0.97 2.74 1.09 99.00 0.00
Fxd-Long 0.41 1.20 2.75 1.15 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.39 1.21 3.07 1.14 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.52 2.08 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 0.66 1.81 99.00 0.00 99.00 0.00 99.00 0.00
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G.2 MSC Slab
This section contains the component fragility curves for the multi-span continuous slab
bridge.
Table G-5: Component Fragilities for MSC Slab Bridge Components - PGA (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.10 0.76 1.72 0.71 2.76 0.79 3.98 0.80
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 2.86 0.95 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.37 1.01 1.55 1.18 3.26 1.13 99.00 0.00
Ab-Tran 0.26 0.77 0.91 0.93 1.73 0.89 99.00 0.00
Table G-6: Component Fragilities for MSC Slab Bridge Components - Sa−gm (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.51 0.69 2.23 0.65 3.37 0.72 99.00 0.00
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.62 0.82 2.18 0.97 99.00 0.00 99.00 0.00
Ab-Tran 0.44 0.70 1.31 0.84 2.32 0.80 99.00 0.00
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Table G-7: Component Fragilities for MSC Slab Bridge Components - PGA (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.58 0.70 0.82 0.67 1.20 0.73 1.60 0.73
Fxd-Long 0.92 0.69 2.23 0.67 2.68 0.68 3.34 0.71
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.69 0.64 1.51 0.62 1.78 0.63 2.16 0.65
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 2.06 0.81 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.20 0.67 0.51 0.77 0.82 0.74 99.00 0.00
Ab-Tran 0.20 0.80 0.66 0.94 1.22 0.90 99.00 0.00
Table G-8: Component Fragilities for MSC Slab Bridge Components - Sa−gm (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.21 0.84 1.92 0.80 3.13 0.87 99.00 0.00
Fxd-Long 2.66 1.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 1.71 0.90 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.29 0.95 1.11 1.10 2.23 1.06 99.00 0.00
Ab-Tran 0.29 1.04 1.47 1.24 3.43 1.19 99.00 0.00
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G.3 MSC Steel
This section contains the component fragility curves for the multi-span continuous steel
girder bridge.
Table G-9: Component Fragilities for MSC Steel Bridge Components - PGA (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.21 0.49 0.28 0.46 0.38 0.51 0.47 0.52
Fxd-Long 0.85 0.72 2.00 0.72 3.29 0.78 99.00 0.00
Fxd-Tran 0.67 0.76 1.49 0.76 2.36 0.81 99.00 0.00
Exp-Long 0.17 0.56 0.35 0.54 0.42 0.56 0.53 0.59
Exp-Tran 0.24 0.59 0.47 0.59 0.69 0.63 1.61 0.67
Ab-Pass 0.63 0.71 1.08 0.71 2.32 0.69 2.32 0.69
Ab-Act 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 0.72 0.94 3.07 1.12 99.00 0.00 99.00 0.00
Table G-10: Component Fragilities for MSC Steel Bridge Components - Sa−gm (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.44 0.60 0.59 0.58 0.81 0.62 1.04 0.63
Fxd-Long 1.82 0.77 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 1.10 0.52 2.20 0.52 3.29 0.57 99.00 0.00
Exp-Long 0.34 0.79 0.79 0.77 0.98 0.79 1.27 0.82
Exp-Tran 0.47 0.46 0.90 0.46 1.29 0.51 2.94 0.56
Ab-Pass 1.56 0.95 2.94 0.95 99.00 0.00 99.00 0.00
Ab-Act 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 1.36 0.87 99.00 0.00 99.00 0.00 99.00 0.00
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Table G-11: Component Fragilities for MSC Steel Bridge Components - PGA (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.36 0.52 0.46 0.50 0.60 0.53 0.74 0.54
Fxd-Long 0.76 0.58 1.44 0.58 2.08 0.61 99.00 0.00
Fxd-Tran 0.59 0.66 1.16 0.66 1.70 0.70 99.00 0.00
Exp-Long 0.31 0.60 0.58 0.58 0.69 0.59 0.84 0.62
Exp-Tran 0.33 0.56 0.66 0.56 0.98 0.61 2.38 0.66
Ab-Pass 1.24 0.76 2.21 0.76 99.00 0.00 99.00 0.00
Ab-Act 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 0.89 1.03 99.00 0.00 99.00 0.00 99.00 0.00
Table G-12: Component Fragilities for MSC Steel Bridge Components - Sa−gm (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.57 0.92 0.91 0.87 1.49 0.94 2.17 0.95
Fxd-Long 2.91 1.19 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 2.42 1.45 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.41 0.89 1.22 0.85 1.63 0.88 2.28 0.93
Exp-Tran 0.44 1.14 1.52 1.14 3.10 1.21 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
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G.4 MSSS Concrete
This section contains the component fragility curves for the multi-span simply supported
concrete girder bridge.
Table G-13: Component Fragilities for MSSS Concrete Bridge Components - PGA (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.50 0.69 0.79 0.63 1.27 0.72 1.84 0.73
Fxd-Long 0.52 0.85 1.76 0.81 2.27 0.84 3.07 0.88
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.27 0.78 0.97 0.73 1.26 0.76 1.72 0.81
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 1.83 0.60 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.43 0.98 1.97 1.18 99.00 0.00 99.00 0.00
Ab-Tran 0.83 0.86 3.14 1.03 99.00 0.00 99.00 0.00
Table G-14: Component Fragilities for MSSS Concrete Bridge Components - Sa−gm (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.93 0.64 1.42 0.58 2.23 0.68 3.16 0.68
Fxd-Long 0.89 0.79 2.70 0.76 3.40 0.78 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.54 0.75 1.90 0.71 2.46 0.74 3.35 0.79
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 3.71 0.63 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.90 0.92 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 1.57 0.79 99.00 0.00 99.00 0.00 99.00 0.00
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Table G-15: Component Fragilities for MSSS Concrete Bridge Components - PGA (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.72 0.82 1.14 0.78 1.86 0.86 2.71 0.86
Fxd-Long 0.53 0.77 1.50 0.74 1.87 0.76 2.41 0.80
Fxd-Tran 1.19 1.34 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.38 0.78 1.31 0.74 1.71 0.77 2.32 0.82
Exp-Tran 0.92 1.32 3.21 1.25 99.00 0.00 99.00 0.00
Ab-Pass 3.52 0.89 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.56 1.17 2.91 1.36 99.00 0.00 99.00 0.00
Ab-Tran 0.98 1.10 99.00 0.00 99.00 0.00 99.00 0.00
Table G-16: Component Fragilities for MSSS Concrete Bridge Components - Sa−gm (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.16 1.18 2.42 1.09 99.00 0.00 99.00 0.00
Fxd-Long 0.76 1.27 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.41 1.17 3.28 1.10 99.00 0.00 99.00 0.00
Exp-Tran 2.38 2.32 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.88 1.89 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 2.11 1.73 99.00 0.00 99.00 0.00 99.00 0.00
Table G-17: Component Fragilities for MSSS Concrete Bridge Components - PGA (No
Rot).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.52 0.65 0.81 0.59 1.30 0.69 1.87 0.69
Fxd-Long 0.48 0.87 1.58 0.84 2.02 0.86 2.70 0.90
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.30 0.76 1.12 0.72 1.46 0.75 2.02 0.80
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 2.25 0.66 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.41 0.86 1.62 1.04 3.35 0.99 99.00 0.00
Ab-Tran 0.94 0.98 3.92 1.15 99.00 0.00 99.00 0.00
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Table G-18: Component Fragilities for MSSS Concrete Bridge Components - Sa−gm (No
Rot).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.96 0.61 1.46 0.55 2.27 0.65 3.20 0.65
Fxd-Long 0.96 0.85 3.09 0.82 3.93 0.84 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.58 0.72 1.98 0.68 2.56 0.71 3.48 0.76
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 3.95 0.67 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.84 0.82 3.34 1.01 99.00 0.00 99.00 0.00
Ab-Tran 1.72 0.89 99.00 0.00 99.00 0.00 99.00 0.00
Table G-19: Component Fragilities for MSSS Concrete Bridge Components - PGA (Lon-
gitudinal).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.74 0.33 0.92 0.30 1.16 0.34 1.38 0.35
Fxd-Long 0.71 0.45 1.28 0.43 1.45 0.44 1.67 0.46
Exp-Long 0.54 0.35 0.97 0.33 1.10 0.34 1.27 0.37
Ab-Pass 1.40 0.31 2.44 0.31 99.00 0.00 99.00 0.00
Ab-Act 0.63 0.40 1.16 0.47 1.60 0.45 99.00 0.00
Table G-20: Component Fragilities for MSSS Concrete Bridge Components - Sa−gm (Lon-
gitudinal).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.01 0.60 1.53 0.54 2.36 0.63 3.30 0.64
Fxd-Long 1.03 0.90 3.36 0.87 99.00 0.00 99.00 0.00
Exp-Long 0.57 0.65 1.85 0.61 2.36 0.64 3.15 0.69
Ab-Pass 3.59 0.61 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.90 0.79 3.25 0.95 99.00 0.00 99.00 0.00
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G.5 MSSS Concrete-Box
This section contains the component fragility curves for the multi-span simply supported
concrete-box girder bridge.
Table G-21: Component Fragilities for MSSS Concrete-Box Bridge Components - PGA
(Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.87 0.82 1.41 0.77 2.36 0.86 3.52 0.86
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 1.68 0.76 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 3.45 0.71 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.30 0.86 1.16 1.04 2.38 0.99 99.00 0.00
Ab-Tran 0.74 1.02 3.68 1.23 99.00 0.00 99.00 0.00
Table G-22: Component Fragilities for MSSS Concrete-Box Bridge Components - Sa−gm
(Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.15 0.60 1.75 0.55 2.70 0.64 3.79 0.65
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 2.28 0.63 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.46 0.69 1.45 0.84 2.65 0.80 99.00 0.00
Ab-Tran 1.07 0.80 99.00 0.00 99.00 0.00 99.00 0.00
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Table G-23: Component Fragilities for MSSS Concrete-Box Bridge Components - PGA
(Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.87 0.85 1.49 0.79 2.65 0.90 99.00 0.00
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 1.33 0.80 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.21 0.81 0.74 0.97 1.45 0.93 99.00 0.00
Ab-Tran 0.56 0.92 2.39 1.10 99.00 0.00 99.00 0.00
Table G-24: Component Fragilities for MSSS Concrete-Box Bridge Components - Sa−gm
(Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 2.35 1.13 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.32 1.21 2.06 1.44 99.00 0.00 99.00 0.00
Ab-Tran 1.43 1.41 99.00 0.00 99.00 0.00 99.00 0.00
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G.6 MSSS Slab
This section contains the component fragility curves for the multi-span simply supported
slab bridge.
Table G-25: Component Fragilities for MSSS Slab Bridge Components - PGA (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.68 0.76 1.05 0.71 1.69 0.79 2.42 0.80
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 2.55 1.05 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.30 1.03 1.50 1.24 3.52 1.18 99.00 0.00
Ab-Tran 0.27 0.83 0.82 0.96 1.49 0.92 99.00 0.00
Table G-26: Component Fragilities for MSSS Slab Bridge Components - Sa−gm (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.13 0.69 1.71 0.64 2.67 0.72 3.75 0.73
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 3.18 0.84 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.51 0.82 2.04 1.01 99.00 0.00 99.00 0.00
Ab-Tran 0.49 0.76 1.50 0.90 2.69 0.86 99.00 0.00
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Table G-27: Component Fragilities for MSSS Slab Bridge Components - PGA (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.59 0.64 0.86 0.60 1.29 0.67 1.77 0.68
Fxd-Long 1.84 0.71 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.79 0.57 1.76 0.55 2.09 0.56 2.54 0.59
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 3.79 0.83 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.19 0.86 0.69 1.02 1.37 0.98 99.00 0.00
Ab-Tran 0.36 0.94 1.48 1.11 3.08 1.06 99.00 0.00
Table G-28: Component Fragilities for MSSS Slab Bridge Components - Sa−gm (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.28 0.80 2.15 0.73 3.74 0.84 99.00 0.00
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 2.09 0.88 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.24 1.47 1.80 1.70 99.00 0.00 99.00 0.00
Ab-Tran 0.63 1.26 99.00 0.00 99.00 0.00 99.00 0.00
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G.7 MSSS Steel
This section contains the component fragility curves for the multi-span simply supported
steel girder bridge.
Table G-29: Component Fragilities for MSSS Steel Bridge Components - PGA (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.38 0.54 0.53 0.50 0.76 0.56 1.00 0.57
Fxd-Long 0.28 0.46 0.47 0.46 0.64 0.49 1.25 0.53
Fxd-Tran 0.45 0.48 0.83 0.48 1.19 0.53 2.64 0.57
Exp-Long 0.27 0.59 0.57 0.56 0.70 0.59 0.89 0.62
Exp-Tran 0.58 0.46 1.32 0.46 2.12 0.54 99.00 0.00
Ab-Pass 1.64 0.65 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 1.00 1.02 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 1.29 0.84 99.00 0.00 99.00 0.00 99.00 0.00
Table G-30: Component Fragilities for MSSS Steel Bridge Components - Sa−gm (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.70 0.65 0.99 0.61 1.43 0.67 1.90 0.67
Fxd-Long 0.49 0.42 0.80 0.42 1.07 0.45 2.02 0.49
Fxd-Tran 0.70 0.39 1.21 0.39 1.65 0.43 3.31 0.47
Exp-Long 0.48 0.68 1.06 0.66 1.30 0.68 1.65 0.71
Exp-Tran 0.95 0.37 2.03 0.37 3.13 0.45 99.00 0.00
Ab-Pass 2.98 0.70 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 1.67 0.96 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 1.99 0.76 99.00 0.00 99.00 0.00 99.00 0.00
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Table G-31: Component Fragilities for MSSS Steel Bridge Components - PGA (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.54 0.52 0.76 0.47 1.09 0.54 1.43 0.55
Fxd-Long 0.32 0.43 0.58 0.43 0.81 0.47 1.72 0.52
Fxd-Tran 0.41 0.48 0.70 0.48 0.95 0.51 1.91 0.55
Exp-Long 0.39 0.64 0.88 0.61 1.09 0.63 1.39 0.67
Exp-Tran 0.60 0.50 1.48 0.50 2.50 0.58 99.00 0.00
Ab-Pass 3.04 0.69 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.96 1.08 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 2.37 1.08 99.00 0.00 99.00 0.00 99.00 0.00
Table G-32: Component Fragilities for MSSS Steel Bridge Components - Sa−gm (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 1.53 0.86 2.67 0.79 99.00 0.00 99.00 0.00
Fxd-Long 0.56 0.66 1.40 0.66 2.36 0.73 99.00 0.00
Fxd-Tran 0.81 0.60 1.80 0.60 2.84 0.66 99.00 0.00
Exp-Long 0.78 0.77 2.41 0.72 3.23 0.75 99.00 0.00
Exp-Tran 2.18 1.02 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Table G-33: Component Fragilities for MSSS Steel Bridge Components - PGA (No Rot).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.39 0.52 0.54 0.48 0.78 0.55 1.02 0.55
Fxd-Long 0.27 0.46 0.46 0.46 0.63 0.49 1.26 0.53
Fxd-Tran 0.43 0.58 0.79 0.58 1.12 0.62 2.43 0.66
Exp-Long 0.27 0.57 0.57 0.55 0.69 0.57 0.87 0.60
Exp-Tran 0.60 0.50 1.44 0.50 2.38 0.58 99.00 0.00
Ab-Pass 1.70 0.65 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 0.92 0.96 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 1.27 0.86 99.00 0.00 99.00 0.00 99.00 0.00
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Table G-34: Component Fragilities for MSSS Steel Bridge Components - Sa−gm (No Rot).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.71 0.63 1.00 0.59 1.46 0.65 1.93 0.66
Fxd-Long 0.48 0.50 0.82 0.50 1.11 0.53 2.20 0.56
Fxd-Tran 0.72 0.39 1.27 0.39 1.75 0.43 3.57 0.48
Exp-Long 0.49 0.69 1.07 0.67 1.31 0.68 1.66 0.72
Exp-Tran 0.95 0.39 2.04 0.39 3.18 0.46 99.00 0.00
Ab-Pass 3.14 0.71 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 1.66 0.98 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 2.02 0.80 99.00 0.00 99.00 0.00 99.00 0.00
Table G-35: Component Fragilities for MSSS Steel Bridge Components - PGA (Longitu-
dinal).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.63 0.25 0.73 0.23 0.87 0.27 0.99 0.27
Fxd-Long 0.57 0.27 0.73 0.27 0.83 0.28 1.13 0.30
Exp-Long 0.53 0.29 0.77 0.28 0.85 0.29 0.96 0.30
Ab-Pass 1.30 0.33 2.05 0.33 3.88 0.29 3.88 0.29
Ab-Act 1.04 0.48 2.13 0.57 3.10 0.55 99.00 0.00
Table G-36: Component Fragilities for MSSS Steel Bridge Components - Sa−gm (Longitu-
dinal).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Column 0.71 0.60 0.98 0.56 1.39 0.62 1.82 0.63
Fxd-Long 0.57 0.58 0.93 0.58 1.22 0.60 2.25 0.63
Exp-Long 0.50 0.64 1.07 0.61 1.30 0.63 1.64 0.66
Ab-Pass 3.13 0.72 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 1.98 1.00 99.00 0.00 99.00 0.00 99.00 0.00
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G.8 SS Concrete
This section contains the component fragility curves for the single-span concrete girder
bridge.
Table G-37: Component Fragilities for SS Concrete Bridge Components - PGA (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 2.16 1.10 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 2.45 1.06 99.00 0.00 99.00 0.00 99.00 0.00
Table G-38: Component Fragilities for SS Concrete Bridge Components - Sa−gm (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Fxd-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 2.94 0.86 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 3.13 0.81 99.00 0.00 99.00 0.00 99.00 0.00
360
Table G-39: Component Fragilities for SS Concrete Bridge Components - PGA (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Fxd-Long 0.66 0.93 2.10 0.90 2.67 0.92 3.56 0.95
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 0.62 0.94 2.11 0.91 2.72 0.93 3.68 0.97
Exp-Tran 1.46 1.41 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 2.62 1.38 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 1.38 1.04 99.00 0.00 99.00 0.00 99.00 0.00
Table G-40: Component Fragilities for SS Concrete Bridge Components - Sa−gm (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Fxd-Long 1.82 1.69 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 1.48 1.60 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
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G.9 SS Steel
This section contains the component fragility curves for the single-span steel girder bridge.
Table G-41: Component Fragilities for SS Steel Bridge Components - PGA (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Fxd-Long 0.81 0.60 1.43 0.60 1.99 0.63 99.00 0.00
Fxd-Tran 1.72 0.73 3.43 0.73 99.00 0.00 99.00 0.00
Exp-Long 1.34 0.54 2.13 0.53 2.41 0.54 2.78 0.55
Exp-Tran 1.01 0.75 2.07 0.75 3.12 0.79 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 2.11 0.86 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 2.80 1.06 99.00 0.00 99.00 0.00 99.00 0.00
Table G-42: Component Fragilities for SS Steel Bridge Components - Sa−gm (Rix).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Fxd-Long 1.05 0.47 1.78 0.47 2.42 0.50 99.00 0.00
Fxd-Tran 1.97 0.55 3.66 0.55 99.00 0.00 99.00 0.00
Exp-Long 1.78 0.46 2.79 0.44 3.13 0.45 3.60 0.47
Exp-Tran 1.26 0.60 2.41 0.60 3.51 0.64 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 2.70 0.80 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 2.93 0.85 99.00 0.00 99.00 0.00 99.00 0.00
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Table G-43: Component Fragilities for SS Steel Bridge Components - PGA (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Fxd-Long 0.71 0.57 1.27 0.57 1.77 0.60 3.70 0.64
Fxd-Tran 1.63 1.05 3.60 1.05 99.00 0.00 99.00 0.00
Exp-Long 1.51 0.62 2.56 0.61 2.94 0.62 3.46 0.63
Exp-Tran 0.62 0.63 1.14 0.63 1.61 0.66 3.49 0.69
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 1.47 0.81 3.88 0.91 99.00 0.00 99.00 0.00
Ab-Tran 3.60 1.34 99.00 0.00 99.00 0.00 99.00 0.00
Table G-44: Component Fragilities for SS Steel Bridge Components - Sa−gm (Wen).
Slight Moderate Extensive Complete
Component Med (g) Disp Med (g) Disp Med (g) Disp Med (g) Disp
Fxd-Long 3.63 1.44 99.00 0.00 99.00 0.00 99.00 0.00
Fxd-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Long 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Exp-Tran 2.76 1.46 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Pass 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Act 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
Ab-Tran 99.00 0.00 99.00 0.00 99.00 0.00 99.00 0.00
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